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The analysis and design of multi-storey buildings against progressive collapse is now 
mandatory in some countries, due to several high profile collapses of buildings from 
abnormal loading. Research on progressive collapse analyses of steel-concrete composite 
building structures has been performed over the last two decades with few simplifications in 
composite building frame components. This is because the detailed modelling of the non-
linear behaviour of steel-concrete composite slabs and joints is rather tedious and involves 
interaction between floor beams, slab and beam-to-column joint behaviour.  Past research on 
progressive collapse analysis of building frames has reported that full three-dimensional (3D) 
building frame analysis is computationally expensive and consumes substantial 
computational resources in order to predict the non-linear dynamic response of buildings. 
Although well-calibrated simplified plane frame models can be relied upon to model 
progressive collapse, the results obtained from plane (2D) frame analyses may not be 
conservative.  
 
The main objective of this research study is to develop simplified numerical models to 
capture the behaviours of steel-concrete composite building structures subject to extreme 
load. Simplified composite joint models and composite slab models are proposed to reduce 
the computational effort involved in analysing 3D building frames. Composite joints are 
modelled using the Eurocode component method with a non-linear rotational and axial 
spring. A metal deck in a composite slab is represented as equivalent rebars in a longitudinal 
direction and profile concrete is converted into equivalent uniform concrete. The proposed 
slab model and joint model avoid detailed geometric modelling of components and reduce the 
computational time for analysing large building frames.  
ix 
 
A Eurocode component model is used to predict the joint response. However, the details 
available in Eurocodes are insufficient to calculate the fin plate connection response and thus 
a component model for fin plate connection is developed.  The present study shows that fin 
plate connection response is weaker than other connections due to unavoidable construction 
gaps. A method to strengthen fin plate connection is proposed here by connecting a plate to 
the bottom beam flange to the column, so that additional moment resistance and rotational 
stiffness can be achieved. The additional plate welded to the beam flange may not need to be 
welded to the column. This will eliminate the gap between the bottom beam flange and the 
column, which will increase the initial rotational stiffness and maximum moment resistance 
of the fin plate connection. This modified fin plate connection can be used for new buildings 
and also retrofitting purposes. 
 
Detailed numerical or experimental investigation of a full scale 3D frame involves high cost 
and is time consuming to perform. Furthermore, limited simplified analytical methods are 
available to predict the dynamic response of the building frame under the loss of a column. A 
plastic hinge analysis method is proposed to predict the load-displacement response and 
collapse load of a 3D composite building subject to column loss. A step-by-step elastic-
plastic analysis is firstly performed by tracking the formation of a plastic hinge in a 
composite floor until a collapse mechanism is formed. Then, the proposed plastic hinge 
approach is extended to predict the dynamic amplification factor. The static and dynamic 
load-displacement response and collapse load of the composite building could be predicated 
reasonably well using both the proposed plastic hinge approach and dynamic amplification 
factor. The proposed plastic hinge approach may be implemented in a spreadsheet program to 
predict the building response reasonably well, with less computational effort than full non-
linear dynamic analysis.  
x 
 
An alternate path approach is often used to perform the progressive collapse analysis of a 
building structure by removing single structural elements (column/beam) at a certain building 
floor level one at a time, regardless of threat type. Nevertheless, the effectiveness of this 
method is still questionable for abnormal loads, because only a single member is removed 
and the possibility of damage to several structural members is usually not considered in the 
alternate path approach. This assumption may lead to inaccurate prediction of the building 
response especially under extreme loads (e.g. blast). Advanced analysis is performed herein 
to identify the damaged elements in the building frame under a surface blast and then analysis 
results are compared with the conventional alternate path approach. This study recommends 
that advanced analysis should be performed in order to capture the true behaviour of 
buildings subject to extreme loads.  This approach is more sensible than the alternate path 
approach, checking the robustness of buildings based on the column removal concept. The 
present study concludes that the alternate path approach can be used in preliminary design, 
but advanced analysis is still required for the robustness of design of multi-storey buildings. 
 
The studies on 3D composite buildings conclude that simple braced frames are more 
susceptible to progressive collapse compared to moment resisting frames, which have higher 
redundancy to redistribute the load. Various framing schemes and joint types are proposed in 
the present work to improve the progressive collapse resistance of the simple braced frames. 
In case of instant column loss, large beam deflection occurs, due to insufficient end restraints 
provided by fin plate connections compared to end-plate connections. Floor/beam deflection 
may be increased further due to unavoidable construction gaps in the fin plate connection. 
Axial tensile resistance, initial rotational stiffness and maximum moment resistance of end-
plate connection are higher than the fin plate connection. Therefore, end-plate connection is 
proposed for the column-to-beam joint as it is more robust than the fin plate connection in 
xi 
 
reducing beam deflection. The occurrence of unavoidable gaps in fin plate connection may 
further weaken the moment-rotational behaviour and lead to higher beam deflection, 
compared to end-plate connection. Modified fin plate connection is adopted for the column-
to-beam joint to enhance the progressive collapse resistance of the building frame. A 
Vierendeel truss could be introduced at a certain floor level to redistribute the lost column 
load to adjacent members, thereby improving the progressive collapse resistance of the 
building due to column loss. The resistance of tall buildings against progressive collapse 
could also be improved by using an outrigger-belt truss system, which was originally 
designed for resisting lateral load only. Tension cable truss is introduced at the outrigger-belt 
truss floor level to redistribute the lost internal column load to adjacent columns, where the 
internal column is not directly connected with the outrigger-belt truss. Numerical studies 
show that the above recommended mitigation approaches significantly improve the 






















LIST OF TABLES 
Table 2.1: Occupancy category and design requirement .........................................................21 
Table 3.1: Equivalent reinforcement layer ...............................................................................43 
Table 3.2: Material properties ..................................................................................................44  
Table 3.3: Test specimens and parameters ..............................................................................45 
Table 3.4: Steel properties .......................................................................................................45  
Table 3.5: Mechanical and brittle cracking properties of concrete ..........................................46 
Table 3.6: Joint details .............................................................................................................59 
Table 3.7: Details of test specimens ........................................................................................70 
Table 3.8: Properties of concrete .............................................................................................70 
Table 4.1: Details of composite joint test specimens ...............................................................87 
Table 4.2: Details of specimens ...............................................................................................90 
Table 4.3: Cyclic test specimen detail .....................................................................................93 
Table 4.4: Specimen detail .......................................................................................................96 
Table 5.1: Summary of comparison results ...........................................................................104 
Table 5.2: Slab contribution in deflection of moment frame due to perimeter  
column removal .....................................................................................................................106  
 
Table 5.3: Slab contribution in deflection of moment frame due to corner  
column removal .....................................................................................................................106 
Table 5.4: Maximum deflection of simple braced frame due to perimeter  
column removal .....................................................................................................................106 
 
Table 5.5: Maximum deflection of simple braced frame due to corner  
column removal .....................................................................................................................106 
 
Table 6.1: Summary of load-deflection response of ten-storey frame ...................................143 
Table 7.1: Blast loading categories ........................................................................................147 
Table 7.2: Blast load and ground distance for column D6 ....................................................163 
Table 7.3: Blast load on columns ...........................................................................................165 
xiii 
 
Table 7.4: Lateral deflection and forces for 5% damping with strain rate effect ..................166 
 
Table 7.5: Maximum deflection and forces for 5% damping with strain rate effect .............167 
Table 7.6: Lateral deflection and forces for no damping with strain rate effect ....................174 
 
Table 7.7: Maximum deflection and forces for no damping with strain rate effect ...............174 
Table 7.8: Maximum demand for 5% damping without strain rate effect .............................175 
Table A1.1: Ultimate column loads for load case 1.4DL+1.6LL ..........................................229 
Table A2.1: Summary of loads and deflections at each plastic hinge ...................................265 
Table A2.2: Summary of deflections limits ...........................................................................265 
Table A2.3: Summary of loads and deflections .....................................................................270 
Table A2.4: Deflections limits ...............................................................................................270 
Table A2.5: Loads and deflections at each plastic hinge .......................................................273 
Table A2.6: Deflections summary .........................................................................................273 
Table A2.7: Composite joint resistance for 1.12% reinforcement.........................................277 
Table A2.8: Summary of edge beam loads and floor udl ......................................................278 
Table A2.9: Summary of loads and deflections for 1.12% reinforcement ............................282 
 
Table A2.10: Summary of loads and deflections at each plastic hinge .................................283 
Table A2.11: Composite joint resistance for 2% reinforcement  ...........................................284 
Table A2.12: Summary of loads and deflections  ..................................................................285 
Table A3.1: Material properties used for test specimens  ......................................................306 
Table A3.2: Material properties used for test specimen CJ1 .................................................307 
Table A3.3: Material properties used for single shear plate connection ................................307 
Table A3.4: Axial spring force and stiffness .........................................................................308 
Table A3.5: Axial spring effective force-displacement response ..........................................308 
Table A3.6: Axial spring (at beam bottom flange) force-displacement response .................309 
Table A3.7: Material properties used for fin plate and modified fin plate connection ..........310 
xiv 
 
Table A3.8: Material properties used for top-and-seat-and-web angle connection ...............311 
Table A5.1: Stress-strain relationship of concrete and rebar .................................................343 
Table A5.2: Material stress-strain response and load amplitude for dynamic analysis .........345 
Table A5.3: Stress-strain relationship of material and time-amplitude function for  
dynamic analysis ....................................................................................................................347 
 
Table A5.4: Material stress-strain relationship and load amplitude function ........................348 
Table A5.5: Steel and joint model and time-amplitude response ..........................................349 
Table A5.6: Material model and load amplitude function for numerical analysis  ...............353 
Table A5.7: Material model and time-amplitude relationship  ..............................................355 
Table A5.8: Material model and loading function for numerical analysis  ...........................356 
Table A5.9: Material model and time-load amplitude response ............................................358 
Table A5.10: Data used in the numerical analysis .................................................................359 
Table A5.11: Data used in analysis study ..............................................................................362 













LIST OF FIGURES 
Figure1.1: Sudden column loss simulation (a) analysis model (b) load-time history ...............5 
Figure 2.1: Ronan Point ...........................................................................................................15 
Figure 2.2: Murrah Federal building ........................................................................................16 
Figure 2.3: World Trade Centre ...............................................................................................17 
Figure 2.4: Tying of column of a building ...............................................................................19 
Figure 2.5: Accidental design situation ...................................................................................21 
Figure 2.6: Risk based approach ..............................................................................................24 
Figure 3.1: Model for fin plate connection (a) Eurocode-3 component model (b) ABAQUS  
model (c) force response relationship of joint (d) joint representation in frame analysis .......38 
 
Figure 3.2: Proposed simplified composite slab model ...........................................................40 
Figure 3.3: (a) RC slab details (b) load-deflection curve for RC two-way slab ......................44 
Figure 3.4: Bending test specimen elevation view ..................................................................45 
Figure 3.5: Test specimen cross section view  .........................................................................45 
Figure 3.6: Load-mid span deflection for specimen S5 ...........................................................46 
Figure 3.7: Load-mid span deflection for specimen S8 ...........................................................47 
Figure 3.8: Load-mid span deflection for specimen S9 ...........................................................48 
Figure 3.9: Test setup ...............................................................................................................50 
Figure 3.10: (a) Finite element mesh for 3D FE model (b) simplified FE model in  
ABAQUS .................................................................................................................................51 
 
Figure 3.11: (a) Steel beam with welded stud (b) rebar mesh (c) metal deck  
(d) profiled concrete model in ABAQUS ................................................................................51 
 
Figure 3.12: Total applied load – mid span deflection of beam CB1 ......................................52 
Figure 3.13: Total applied load – mid span deflection of beam CB2 ......................................52 
Figure 3.14: Plan and cross-section view of the ribbed slab ....................................................54 
Figure 3.15: Load-maximum deflection relation for vertically supported slab .......................54 
xvi 
 
Figure 3.16: Load- maximum deflection relation for fully restrained slab..............................55 
Figure 3.17: (a) Single plate web-cleat connection (b) test half model  ..................................57 
Figure 3.18: (a) Column vertical load-displacement (b) joint representation in FE analysis ..58 
 
Figure 3.19: Schematic view of flush end-plate connection  ...................................................60 
Figure 3.20: Load-displacement behaviour of steel joint ES1 .................................................60 
Figure 3.21: Load-displacement behaviour of steel joint ES2 .................................................61 
Figure 3.22: Load-displacement behaviour of steel joint ES4 .................................................61 
Figure 3.23: Load-displacement behaviour of composite joint EZ1 .......................................62 
Figure 3.24: Load-displacement behaviour of composite joint EZ2 .......................................63 
Figure 3.25: Load-displacement behaviour of composite joint EZ3 .......................................63 
Figure 3.26: General details of investigated frame  .................................................................64 
Figure 3.27: (a) Frame A details (b) frame B details  ..............................................................64 
Figure 3.28: (a) Cross section of composite beam (b) flush end-plate connection ..................64 
Figure 3.29: Load-deflection behaviour of Beam-2 ................................................................66 
Figure 3.30: Load-deflection behaviour of Beam-3 ................................................................67 
Figure 3.31: Load-deflection behaviour of Beam-1with material damage model ...................68  
Figure 3.32: (a) View at failure of girder CPG 8 (a) test (b) numerical model and  
mesh in ABAQUS (c) view at failure of girder CPG 8 in ABAQUS ......................................71 
 
Figure 3.33: View at failure of girder CPG 10 (a) test (b) ABAQUS .....................................71 
Figure 3.34: Load – mid span deflection of girder CPG 8.......................................................72 
Figure 3.35: Load – mid span deflection of girder CPG 10.....................................................72 
Figure 3.36: Plan view and connection details of composite frame  .......................................74 
Figure 3.37: Load – mid span deflection of the composite frame ...........................................74 
Figure 4.1: (a) Force-displacement of axial spring (b) typical four-bolt fin plate connection 80 
 
Figure 4.2: Component representation of composite fin plate connection ..............................81 
Figure 4.3: Spring model of fin plate connection in ABAQUS ...............................................82 
xvii 
 
Figure 4.4: (a) Fin plate connection (b) proposed modified fin plate connection  
for ductile connection  .............................................................................................................83 
 
Figure 4.5: Fin plate and modified fin plate connection details and moment-rotation  
response....................................................................................................................................84 
Figure 4.6: Tri-linear moment-rotation response of end-plate and  
top-and-seat-and-web angle connections .................................................................................86 
 
Figure 4.7: Bi-linear moment-rotation response of fin-plate connection ................................86 
Figure 4.8: Schematic view of test setup .................................................................................87 
Figure 4.9: Moment- rotational behaviour of specimen SCCB1 .............................................88 
Figure 4.10: Moment- rotational behaviour of specimen SCCB2 ...........................................88 
Figure 4.11: Moment- rotational behaviour of specimen SCCB4 ...........................................88 
Figure 4.12: Moment- rotational behaviour of specimen CJ1 .................................................90 
Figure 4.13: Cross-sectional view of composite beam  ...........................................................91 
Figure 4.14: Moment- rotational behaviour of specimens ES1 and ES4 .................................91 
Figure 4.15: Moment- rotational behaviour of specimen EZ1 ................................................92 
Figure 4.16: Shear tab specimen details  .................................................................................93 
Figure 4.17: Elevation and plan view of composite beam .......................................................94 
Figure 4.18: Moment-rotational behaviour of shear tab connection ........................................94 
Figure 4.19: Moment-rotational behaviour of three-bolt shear tab connection .......................95 
Figure 4.20: Schematic views of composite beam ...................................................................97 
Figure 4.21: Moment-rotational behaviour ..............................................................................97 
Figure 5.1 3D view of nine-storey building  ..........................................................................101 
Figure 5.2: Elevation and plan view of nine-storey building frame ......................................101 
Figure 5.3: FE model in ABAQUS for (a) skeleton moment frame (b) moment frame  
with slab (c) skeleton braced frame (d) braced frame with slab ............................................102 
 
Figure 5.4: Elevations and plan view of simple braced frame ...............................................107 
Figure 5.5: Deformed frame view in ABAQUS for (a) braced frame due to perimeter  




Figure 5.6: Moment frame deflections at column removed position due to perimeter  
column removal .....................................................................................................................109 
Figure 5.7: Moment frame deflections at column removed position due to corner  
column removal .....................................................................................................................109 
Figure 5.8: Braced frame deflections at column removed position due to perimeter  
column removal .....................................................................................................................110 
Figure 5.9: Braced frame deflections at column removed position due to corner  
column removal .....................................................................................................................110 
Figure 5.10: Column marking for adjacent column for (a) frame with slab  
(b) skeleton frame ..................................................................................................................111 
 
Figure 5.11: Column load above the removed column due to corner column loss ...............112 
Figure 5.12: Adjacent column marking for corner column loss ............................................113 
Figure 5.13: Maximum adjacent column ‘A’ load due to corner column loss ......................114 
Figure 5.14: Maximum adjacent column ‘B’ load due to corner column loss ......................114 
Figure 5.15: Maximum adjacent column ‘C’ load due to corner column loss ......................115 
Figure 5.16: Beam marking for beam axial force and bending moment for corner  
column loss ............................................................................................................................116 
 
Figure 5.17: Maximum beam axial force at ‘A1’ due to corner column loss ........................117 
Figure 5.18: Maximum beam axial force at ‘A2’ due to corner column loss ........................117 
Figure 5.19: Maximum beam axial force at ‘C1’ due to corner column loss ........................118 
Figure 5.20: Maximum beam axial force at ‘C2’ due to corner column loss ........................118 
Figure 5.21: Force distribution in steel beam section and composite beam section ..............119 
Figure 5.22: Maximum beam bending moment at ‘A1’ due to corner column loss ..............120 
Figure 5.23: Maximum beam bending moment at ‘A2’ due to corner column loss ..............120 
Figure 5.24: Maximum beam bending moment at ‘C1’ due to corner column loss ..............121 
Figure 5.25: Maximum beam bending moment at ‘C2’ due to corner column loss ..............121 
Figure 6.1: (a) Collapse mechanism of restrained beam and critical edge distance of  




Figure 6.2: (a) Axial restraints and formation of plastic hinges due to column loss  
(b) axial force-displacement relationship of joints ................................................................130 
 
Figure 6.3: (a) Static load-displacement response by PH analysis (b) estimation of  
dynamic load by equating energy (c) dynamic load-displacement response .........................132 
 
Figure 6.4: Composite frame details and load-deflection of Beam 1 ....................................135 
 
Figure 6.5: (a) Plan view of composite frame (b) sequence of plastic hinge formation  
in the floor beam system ........................................................................................................136 
 
Figure 6.6: Load-deflection of composite frame subject to concentrate load ........................137 
Figure 6.7: Load-deflection of composite frame under uniformly distributed load ..............138 
Figure 6.8: (a) Sequence of plastic hinges formation at beam ends (b) plan view of  
composite floor  .....................................................................................................................139 
 
Figure 6.9: (a) Load-deflection behaviour of edge beam for 1.12% reinforcement  
for (a) axially un-restraint beam (b) axially restraint beam ...................................................140 
 
Figure 6.10: Load-deflection behaviour of edge beam for 2% reinforcement  
for axially restraint beam  ......................................................................................................141 
 
Figure 6.11: (a) Single storey frame (b) ten-storey frame numerical model in ABAQUS  
for middle column loss ..........................................................................................................142 
 
Figure 6.12: (a) Single storey load-deflection response (b) ten-storey frame load- 
deflection response ................................................................................................................143 
 
Figure 7.1: Idealised pressure time variation, time after explosion  ......................................149 
Figure 7.2: Stress-strain curve for concrete  ..........................................................................151 
Figure 7.3: Stress-strain curve for steel  ................................................................................151 
Figure 7.4: Elevation and plan view of special moment frame .............................................156 
Figure 7.5: Elevation and plan views of (a) corner braced simple frame (b) core braced  
simple frame (c) mixed frame ................................................................................................158 
 
Figure 7.6:  Fin-plate connection, axial force-displacement and moment-rotation  
relationship of fin-plate connections ......................................................................................159 
 
Figure 7.7: Core braced simple frame (a) deformed frame configuration due to  
perimeter column loss (b) monitoring point A for frame vertical displacement due to 
perimeter column loss ............................................................................................................160 
 
Figure 7.8: Core braced simple frame vertical deflection at column removed  
position due to column loss ...................................................................................................161 
xx 
 
Figure 7.9: (a) Elevation (b) plan view of ten-storey building ..............................................162 
Figure 7.10: (a) Gravity load application on frame (b) blast loading-time relation ..............163 
Figure 7.11: Deformed frame view for (a) one-column loss AP analysis (b) direct blast  
analysis (c) five-column loss collapse analysis .....................................................................167 
 
Figure 7.12: Column lateral deflection in direct blast analysis for 5% damping ..................168 
Figure 7.13: Column axial force in direct blast analysis for 5% damping ............................168 
Figure 7.14: Column bending moment in direct blast analysis for 5% damping ..................169 
Figure 7.15: Column shear force in direct blast analysis for 5% damping ............................169 
Figure 7.16: (a) Rotation contour UR1 (b) lateral deflection at column D6 for 3-column  
loss collapse analysis .............................................................................................................170 
 
Figure 7.17: Deflection at mid height of the column D with time .........................................171 
Figure 7.18: (a) Deflection of frame (b) column D6 force variation with time due to  
blast for 5% damping .............................................................................................................172 
 
Figure 7.19: Column D6 lateral deflection in blast analysis for no-damping without  
strain hardening effect............................................................................................................173 
 
Figure 8.1: Elevation and plan view of special moment frame .............................................180 
Figure 8.2: Elevation and plan views of (a) corner braced simple frame (b) core  
braced simple frame (c) mixed frame ....................................................................................182 
Figure 8.3: Core- braced simple frame (a) deformed frame configuration due to  
perimeter column loss (b) monitoring point A for frame vertical displacement due to 
perimeter column loss ............................................................................................................184 
 
Figure 8.4: (a) Fin-plate connection   (b) proposed modified fin-plate connection ...............184 
Figure 8.5: Lateral deflections of core- braced simple frame at column removed position ..185 
Figure 8.6: Frame vertical deflections at column removed position due to column loss  .....186 
Figure 8.7: Monitoring points for mixed frame and simple braced frame due to  
corner column loss .................................................................................................................187 
Figure 8.8: Column reaction force of frames due to corner column loss ..............................188 
Figure 8.9: Beam bending moment at Point 1 due to corner column loss .............................189 
Figure 8.10: Beam axial force at Point 1 due to corner column loss .....................................190 
xxi 
 
Figure 8.11:  Axial force-displacement and moment-rotation relationship of fin-plate  
and end-plate connections ......................................................................................................192 
Figure 8.12: Frame vertical deflection at column removed position due to perimeter  
column loss ............................................................................................................................193 
Figure 8.13: Frame vertical deflection at column removed position due to internal  
column loss ............................................................................................................................193 
Figure 8.14: (a) Three-bolt fin-plate connection (b) modified fin-plate connection  
with additional plate at beam bottom flange (c) moment-rotation response of fin-plate  
and modified fin-plate connection .........................................................................................195 
Figure 8.15: (a) Elevation view of a ten-storey frame with Vierendeel truss at top  
floor level (b) isometric view of a ten-storey building ..........................................................197 
Figure 8.16: Effect of Vierendeel Truss (VT) on vertical deflection of frame due to  
perimeter column loss  ...........................................................................................................198 
Figure 8.17: Effect of Vierendeel Truss (VT) on vertical deflection of frame due to  
corner column loss .................................................................................................................198 
Figure 8.18: Effect of Vierendeel Truss (VT) on vertical deflection of frame due to  
internal column loss ...............................................................................................................199 
Figure 8.19: Effect of Vierendeel Truss (VT) on beam bending moment at Point 1  
due to corner column loss ......................................................................................................200 
Figure 8.20: Effect of Vierendeel Truss (VT) on beam axial force at Point 1 due to  
corner column loss .................................................................................................................200 
Figure 8.21: Plan and elevation view of outrigger-belt truss in a centre core building .........203 
Figure 8.22: Vertical deflection at column removed position due to internal column loss ...204 
Figure 8.23: Vertical deflection at column removed position due to corner column loss......204 
Figure 8.24: Vertical deflection at column removed position due to perimeter column  
loss .........................................................................................................................................204 
 
Figure 8.25: Core frame with outrigger-belt truss and additional tension cable truss ...........205 
Figure 8.26: (a) Core frame with outrigger-belt truss (b) deformed frame due to  
internal column loss  ..............................................................................................................205 
Figure A1.1: Nine-storey simple braced frame elevation and plan view ..............................228 
Figure A1.2: Typical column section for the key element design .........................................233 
Figure A1.3: Column marking for adjacent column for (a) frame with slab  
xxii 
 
(b) skeleton frame ..................................................................................................................246 
 
Figure A1.4: Column load above the removed column due to perimeter column  
and corner column loss ..........................................................................................................248 
 
Figure A1.5: Adjacent column marking for (a) perimeter column loss (b) corner  
column loss ............................................................................................................................249 
 
Figure A1.6: Maximum adjacent column ‘A’ load due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................249 
 
Figure A1.7: Maximum adjacent column ‘B’ load due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................250 
 
Figure A1.8: Maximum adjacent column ‘C’ load due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................251 
Figure A1.9: Beam marking for beam axial force and bending moment for (a) perimeter 
column loss (b) corner column loss .......................................................................................252 
 
Figure A1.10: Maximum beam axial force at ‘A1’ due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................253 
Figure A1.11: Maximum beam axial force at ‘A2’ due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................254 
Figure A1.12: Maximum beam axial force at ‘C1’ due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................255 
Figure A1.13: Maximum beam axial force at ‘C2’ due to (a) perimeter column loss  
(b) corner column loss ...........................................................................................................256 
Figure A1.14: Maximum beam bending moment at ‘A1’ due to (a) perimeter  
column loss (b) corner column loss .......................................................................................257 
Figure A1.15: Maximum beam bending moment at ‘A2’ due to (a) perimeter  
column loss (b) corner column loss .......................................................................................258 
Figure A1.16: Maximum beam bending moment at ‘C1’ due to (a) perimeter  
column loss (b) corner column loss .......................................................................................259 
 
Figure A1.17: Maximum beam bending moment at ‘C2’ due to (a) perimeter  
column loss (b) corner column loss .......................................................................................260 
 
Figure A2.1: Sequence of plastic hinge formation at beam ...................................................264 
Figure A2.2: Sequence of plastic hinge formation in floor beam system ..............................267 
Figure A2.3: View of main-beam D3D5 ................................................................................267 
xxiii 
 
Figure A2.4: View of secondary-beam C4D4 ........................................................................268 
Figure A2.5: View of main-beam D3D5 ................................................................................268 
Figure A2.6: View of beam D3D5 .........................................................................................269 
Figure A2.7: Secondary-beam C4D4 .....................................................................................269 
Figure A2.8: Main-beam D3D5 .............................................................................................271 
Figure A2.9: Beam C4D4 ......................................................................................................271 
Figure A2.10: Response of main-beam D3D5 .......................................................................271 
Figure A2.11: Response of main-beam D3D5 .......................................................................272 
Figure A2.12: Response of beam C4D4 ................................................................................272 
Figure A2.13: Plan view and sequence of plastic hinge due to perimeter column loss .........274 
Figure A2.14: Joint components for (a) internal beam fin connection (b) edge beam  
end-plate connection (c) primary beam end-plate connection ...............................................276 
 
Figure A2.15: (a) Floor beam with point loads for hinge H6 (b) typical propped cantilever 
beam .......................................................................................................................................278 
 
Figure A2.16: Floor beam with point loads for hinge H7 ......................................................279 
Figure A2.17: Floor beam with point loads for hinge H8 ......................................................280 
Figure A2.18: (a) Floor beam with point loads for hinge H9 (b) typical cantilever beam ....281 
Figure A3.1: Slab stiffness coefficient ...................................................................................299 
Figure A3.2: Lever arm z for flush end-plate connection for positive and negative bending301 
Figure A3.3: Moment-rotation response of end-plate and fin-plate connection ....................304 
Figure A3.4: Rigid bar model for joint ..................................................................................304 
Figure A3.5: Connection component of a row and effective spring ......................................308 
Figure A3.6: Rigid-bar model for analysing in ABAQUS .....................................................309 
Figure A4.1: 2D Vierendeel truss response under column loss .............................................313 
Figure A4.2: Axial force diagram of Vierendeel truss under column loss ............................313 
Figure A4.3: Bending moment diagram of Vierendeel truss under column loss...................313 
xxiv 
 
Figure A4.4: Shear force diagram of Vierendeel truss under column loss ............................314 
Figure A4.5: Elevation view of 2D frame with Vierendeel truss at the top floor level  ........315 
Figure A4.6: Bending moment diagram for corner braced frame with Vierendeel truss at  
roof .........................................................................................................................................316 
 
Figure A4.7: Bending moment for corner braced frame with Vierendeel  
truss at roof level ....................................................................................................................317 
 
Figure A4.8: Bending moment diagram of reference frame ..................................................318 
Figure A4.9: Maximum deflection at column removed position due to perimeter  
column D loss for linear static analysis .................................................................................319 
 
Figure A4.10: Maximum deflection at column removed position due to corner  
column F loss for linear static analysis for beam size W27x94 .............................................319 
 
Figure A4.11: Vertical deflection of 2D frame at column removed position due to  
corner column loss for beam size W24x94 ............................................................................321 
Figure A4.12: Vertical deflection at column removed position due to perimeter  
column loss ............................................................................................................................322 
Figure A4.13: Column marking for 2D frame perimeter column loss ..................................323 
Figure A4.14: Maximum beam and column moment for linear static analysis due to  
perimeter column loss ............................................................................................................323 
 
Figure A4.15: Maximum beam and column moment for non-linear dynamic analysis  
due to perimeter column loss .................................................................................................324 
 
Figure A4.16: Column marking for 2D frame corner column loss ........................................324 
Figure A4.17: Maximum beam and column moment for linear static analysis due to  
corner column loss with beam size W24x94 .........................................................................324 
 
Figure A4.18: Maximum beam and column moment for non-linear dynamic analysis  
due to corner column loss with beam size W24x94 ..............................................................325 
 
Figure A4.19: Numerical models in ABAQUS for (a) corner braced simple frame  
(b) special moment frame (c) centre core wall simple frame  ...............................................325 
 
Figure A4.20: Monitoring points for internal column loss (a) moment/braced frame  
(b) core braced simple frame .................................................................................................326 
 
Figure A4.21: Monitoring points for perimeter column loss (a) moment/braced frame  
(b) core braced simple frame .................................................................................................326 
 
Figure A4.22: Monitoring points for corner column loss (a) moment/braced frame  
xxv 
 
(b) core braced simple frame .................................................................................................327 
 
Figure A4.23: Column reaction R1 of frames due to perimeter column loss ........................327 
Figure A4.24: Column reaction R2 of frames due to perimeter column loss ........................328 
Figure A4.25: Column reaction R3 of frames due to perimeter column loss ........................328 
Figure A4.26: Column reaction R1 of frames due to internal column loss ...........................329 
Figure A4.27: Column reaction R2 of frames due to internal column loss ...........................330 
Figure A4.28: Column reaction R3 of frames due to internal column loss ...........................330 
Figure A4.29: Column reaction R1 of frames due to corner column loss .............................332 
Figure A4.30: Column reaction R2 of frames due to corner column loss .............................332 
Figure A4.31: Column reaction R3 of frames due to corner column loss .............................333 
Figure A4.32: Beam bending moment at point 1 of frames due to perimeter column loss ...333 
Figure A4.33: Beam bending moment at point 1 of frames due to internal column loss ......334 
Figure A4.34: Beam bending moment at point 1 of frames due to corner column loss ........334 
Figure A4.35: Beam axial force at point 1 of frames due to perimeter column loss .............336 
Figure A4.36: Beam axial force at point 1 of frames due to internal column loss ................336 
Figure A4.37: Beam axial force at point 1 of frames due to corner column loss ..................337 
Figure A5.1: (a) Compression damage behaviour of concrete (b) tension damage  
behaviour of concrete  ............................................................................................................339 
Figure A5.2: Stress-strain relationship of steel beam, column, metal deck and rebar ...........340 
Figure A5.3: Typical crank mechanism modelled with connectors  .....................................341 











LIST OF SYMBOLS 
M Bending moment 
Iy Second moment of area in major direction 
E Young’s modulus 
fy Yield stress 
v Poisson ratio 
Aa Area of the steel section 
Rs Steel beam resistance 
Rc Concrete compressive resistance 
Rw Steel web resistance 
Rf Steel flange resistance 
Rq Shear connector resistance 
beff Effective width 
z Neutral axis depth  
tf Steel flange thickness 
tw Steel web thickness 
Mp Plastic moment resistance 
Fp Maximum force 
hc Thickness of concrete flange of composite floor 
hp Overall depth of the metal deck 
fck Characteristic value of the cylinder compressive strength  
n Modular ratio 
Ic Second moment area of the composite beam 
dmax Maximum deflection 
Mpl,Rd Plastic moment resistance 
xxvii 
 
LIST OF ABBREVIATION 
UFC Unified Facilities Criteria 
GSA General Services Administration 
PNA Plastic Neutral Axis 
RC Reinforced Concrete 
LS Linear Static 
NS Nonlinear Static 
LD Linear Dynamic 
ND Non-linear Dynamic 
SS Simply supported beam 
TF Tie Force 
AP Alternate Path 
EN European Standard  
BS British Standard 
SAP Structural Analysis Program  
FE   Finite Element 
UC Universal Column 
UB Universal Beam 
ULT Ultimate Limit State 
SLS Serviceability Limit State 
DL Dead Load 
LL Live Load 
UDL Uniformly Distributed Load 
ASCE   American Society of Civil Engineer 




US United States 
DAF Dynamic Amplification Factor 
PH Plastic Hinge 
VT Vierendeel Truss 
AF or P Axial Force 
BM or M Bending Moment 
SF or V Shear Force 
Hi ith plastic hinge 






1.1  General 
Research on robustness and progressive collapse analyses has been intensified over the last 
two decades, due to the several high profile collapses of multi-storey buildings caused by 
abnormal loading. Some of the major progressive collapse incidents that have occurred in the 
past have been: (1) partial progressive collapse of 22-storey Ronan Point apartment, UK, due 
to domestic gas explosion, (2) 9-storey reinforced concrete Murrah Federal office building at 
Oklahoma City collapse due to a truck-bomb attack, and (3) World Trade Centre twin towers 
and World Trade Centre 7 collapse due to terrorist attack. Buildings with inadequate 
robustness are vulnerable to unanticipated extreme loads or hazards. Robustness is described 
as “the ability of the structure to withstand the action of extreme events without being 
damaged to an extent disproportionate to the original cause”. Progressive collapse is defined 
in the UFC (2009) as “the spread of an initial local failure from element to element, 
eventually resulting in the collapse of an entire structure or disproportionately large part of 
it”. 
 
When the structure experiences an unexpected abnormal condition, it is forced to seek 
alternative load paths in order to redistribute additional loads.  The result is that the elements 
along the alternative load path may fail and then this causes further load redistribution. This 
process might continue until the structure finds equilibrium, either by shedding load as a by-
product of elements failing, or by stable alternative load paths. Loss of primary members and 
the resulting progressive collapse are non-linear dynamic processes, due to large 
displacements and instant damage of structural elements. 
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1.2  Robustness design of structures 
The component level structural design approach, used for its strength and stiffness against its 
demand, masks some underlying principles and tends to obscure the need to look at the global 
level for global stability, global stiffness, etc. All these aspects might be grouped under the 
quality of robustness, or stability. Buildings with inadequate robustness are vulnerable to 
unanticipated extreme loads or hazards. Basically, all structures should have adequate load 
paths down to the foundations, for vertical and horizontal loads. The basis of applying 
horizontal load and notional lateral loads reinforces many strategies for evaluating the overall 
robustness of a structure. There should be clear load paths for horizontal loads to transfer 
down to the foundations. For most structures, not only the winds provide the horizontal 
destabilising force, but also horizontal forces arise due to self-weight, side sway from 
eccentricity of vertical load or out-of-column plumb tolerance. Three general design 
approaches are adopted to ensure the minimum robustness of building within the current 
codes and specifications. They are event control, direct design and indirect design approach. 
1.2.1 Event control 
The probability of accidental events can be minimised economically with good event control 
against progressive collapse. As a result, well planned and designed structures are risk free 
from any threats.  Reinforced exterior masonry walls, eliminate parking beneath buildings, 
screen the entrance and make the door open outwards, prohibit unauthorised vehicles, 
eliminate lines of approach perpendicular to the buildings, locate parking to obtain stand-off 
distance from the building, stand-off distance for dropping off or picking up, minimise 
vehicle access points, structural isolation, maximise distance from the building to the site 
boundary, maximise separation distance between inhabited buildings and targeted buildings, 
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have no overhangs in between and maximise the unobstructed space. These are some of the 
guidance points given in the UFC (2009) for the event control design approach. 
1.2.2 Indirect design 
Indirect design aims to improve the robustness of a structure by providing general 
prescriptive levels of strength, continuity and ductility to key structural members. Tie Force 
(TF) method is generally used for indirect design. Provision of ties in all directions 
(horizontally at each floor and vertically at each storey) shall improve the structural 
continuity and integrity, by which an alternative load path will be developed during the 
accidental scenario. Sufficient details are given in design guidelines (e.g. Eurocode, UFC, 
BS5950-1) to calculate the ties of a building.  
1.2.3 Direct design 
Direct design approaches are adopted for an identified abnormal load. However, if the event 
cannot be eliminated, the building will have to be designed for it. There are two methods 
available in the direct design approach. They are, (1) design the building (or member) to have 
adequate capacity to resist the load and (2) the alternate path (AP) method.  BSEN 1-1-7 
(Eurocode-1) provides a probabilistic approach to deal with the identified load situations.   
1.2.3.1 Alternate path method 
The alternate path (AP) method is a performance-based approach of robustness design, which 
requires that the structure should be capable of bridging over a missing structural element. 
The AP method is generally carried out with the sudden removal of a damaged structural 
element from the building frame to simulate the instantaneous loss of the structural element. 
All the critical structural elements are required to be removed once at the time to simulate 
wide ranges of abnormal loading scenarios. The AP method aims to equip the building with 
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minimum robustness to resist unforeseen accidental loads and to minimise the consequences 
of failure in such situations. This research study is mainly focused on the AP method since it 
is a more preferred and performance-based approach than other methods. 
1.2.3.2 Key element design 
The Key Element approach is recommended when the alternate path is impossible or does not 
satisfy the allowable damage limit during the abnormal loading situation. If removal of a 
structural element endangers the building to collapse disproportionally, such elements are 
required to design as key elements. The key elements are designed to take the identified 
accidental loading or additional static pressure of 34kN/m2 in the case of an unidentified load 
situation. This accidental load is applied to the key element in both horizontal and vertical 
directions, one direction at a time, together with the factored loads of the key elements.  
1.3  Progressive collapse analysis  
Progressive collapse occurs when the structural elements within a structure are loaded beyond 
their capacity. A progressive collapse incident is categorised as a non-linear dynamic 
scenario because it occurs in a short time; as well, structural elements undergo a change 
beyond the linear-elastic stage deformation. Mainly four types of analysis are available to 
investigate building collapse behaviour (Marjanishvili and Agnew (2006), Saad et al. (2008)). 
They are, linear static, non-linear static, linear dynamic and non-linear dynamic.   
 
In order to simulate one load carrying member that is suddenly lost, the member forces are 
suddenly removed after a certain time, while the gravity load remains unchanged. If the 
damaged member is suddenly removed from the building frame, the stiffness matrix of the 
system needs also be changed instantly (due to loss of a member at that particular joint). This 
may cause difficulty in the analysis process. To overcome this issue, firstly all member forces 
5 
 
are obtained from the structural model subjected to the applied load, then the structure is re-
modelled without a column with its member forces (P, V, and M) applied to the structure as 
lumped forces to maintain an equilibrium position (Lu et al. (2010)), as shown in Figure 1.1. 
The structure becomes stable at time t1 and the member force is suddenly removed at time t2 
to initiate progressive collapse. However, a few types of advance analysis software (e.g. 








 (a)      (b) 
Figure 1.1: Sudden column loss simulation (a) analysis model (b) load-time history (Lu et al. 
(2010))   
Generally, a few different dynamic analysis approaches are used to simulate the dynamic 
effect of loss of a column in a single degree of freedom (SDOF) system. Such as, 
• Instant degradation of structural stiffness: prior to removal of column, the stiffness 
has been contributed by the column and beam together whereas after removal of the 
column it is due to beam alone.  
• Instantaneous application of load (dynamically) on damaged bay (Izzuddin et al. 
(2008)). 
• Removing the column instantly from the building frame (a few types of advance 













• Degradation of elastic modulus and Young modulus of damaged member using time 
dependant material (Tavakoli and Kiakojouri (2013)). 
1.3.1  Linear static procedure (LS) 
This is the simplest analysis method with minimal time consumption, where the gravity loads 
are applied statically. This method is limited to relatively simple structures, where both non-
linear effects and dynamic response effects can be easily predicted. However, linear static 
analysis does not account for the non-linear and dynamic effects. The General Services 
Administration (GSA) progressive collapse analysis guidelines recommend the use of a 
Dynamic Amplification Factor (DAF) of two for the static analysis, to account for the 
dynamic effects. Then, the static analysis load becomes ‘2 × (Dead load + 0.25Live load)’. 
The Demand Capacity Ratio (DCR) of each element is evaluated and compared against the 
allowable limit given in GSA. Structural elements and connections that have DCR values 
exceeding the allowable values are considered to be severely damaged or collapsed (GSA 
(2003)). 
1.3.2 Non-linear static procedure (NS) 
The non-linear static analysis is more complicated than the LS analysis. It is also referred to 
as the pushover analysis, where load is increased on the structure incrementally until 
maximum amplified loads are achieved or collapse of structural elements occurs. Structural 
elements are allowed to undergo load beyond the elastic stage. In this analysis, non-linear 
effects and the stages of hinge formation are taken into consideration. According to GSA 
guidelines, non-linear static analysis load is ‘2 × (Dead load + 0.25Live load)’. Maximum 
ductility (ratio of the maximum displacement to the yield displacement) and rotation are 
compared against the allowable limit (e.g. GSA) to identify the damaged elements.  
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1.3.3  Linear dynamic procedure (LD) 
Sudden loss of a load-bearing element leads to a change in geometry of the structure, 
resulting in the release of potential energy and rapid variation of internal dynamic forces, 
which includes inertia forces. Therefore, one element’s loss scenario causes a dynamic effect 
on other structural elements and leads to an immediate damage to the vicinity of that element. 
The dynamic analysis considering the dynamic behaviour gives a more realistic result 
compared to static analysis. However, this is unable to account for the non-linearity effects.  
The load factor of one is used for a linear dynamic procedure since dynamic effects are 
considered during the analysis. GSA guidelines define the analysis load as ‘(Dead load + 
0.25Live load)’. Acceptance criteria of structural elements are according to DCR, where the 
demand is recorded at maximum demand. 
1.3.4  Non-linear dynamic procedure (ND) 
Non-linear dynamic analysis is the most accurate and appropriate approach for the evaluation 
of progressive collapse potential since it is able to capture the dynamic effect as well as 
material non-linearity through this analysis. It is a time consuming procedure and requires 
more computational effort than others. Load factor of one is used for non-linear dynamic 
procedure since dynamic effects are considered during the analysis. Therefore, the applied 
load is half of that applied in the static procedure. GSA defines the analysis load as ‘(Dead 
load + 0.25Live load)’. Acceptance criteria of structural elements are according to maximum 
ductility of members and rotation of joint (e.g. GSA). 
1.4  Motivations 
Research on robustness and progressive collapse analysis has been performed over the last 
two decades with few simplifications in composite building frame members (e.g. slab and 
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joints). This is because detailed modelling of the non-linear behaviour of steel-concrete 
composite slabs and joints is rather tedious and involves interaction between floor beams, the 
slab and beam-to-column joint behaviour.  A full non-linear analysis requires much 
computational time to capture the non-linear interaction between each composite slab and the 
beam and joint components. However, the floor slab and joints are essential elements of a 
building and past research has shown that a floor slab and joints contribute considerably to 
the resistance of progressive collapse. Therefore it is important to incorporate them in the 
building frame. Generally, a Eurocode component model can be used to predict the joint 
response (axial force-displacement and moment-rotational relationships). However, the 
details available in Eurocodes are insufficient to calculate the fin plate connection response. 
Fin plate connection is commonly adopted for column-to-beam and beam-to-beam joints for 
simple braced frames.  
 
Research on the robustness of simple braced frames has not broadly been well-investigated 
with the slab and semi-rigid joints’ contributions. Only a few types of frame with a small 
range of simplified joints have been reported. Besides, there are limited findings on the 
progressive collapse resistance of a variety of building frames (braced frame and moment 
frame) and also progressive collapse mitigation approaches, to enhance the progressive 
collapse resistance of building due to column loss.  
 
Furthermore, limited simplified analytical methods are available to accurately predict the 
dynamic response of the building frame under loss of a column. Experimental or detailed 
numerical investigation of a large 3D scale frame is costly and time consuming to perform, 




Research work has been done on the robustness of steel buildings under blast loading. 
Reinforced concrete buildings under blast loadings are broadly investigated with few 
simplifications. However, there is less work done on steel-concrete composite building 
frames and there is a need to investigate the robustness of composite frames under blast 
loading. The Eurocodes highlight the need to perform systematic risk assessment for high 
consequences of failure. Therefore, advanced analysis, by taking care of probable extreme 
load scenarios, could be preferred for the robustness analysis of building structures.  
1.5 Objectives and scopes 
The main objective of this research study is to develop simplified numerical models to 
capture the behaviours of steel-concrete composite building structures subject to extreme 
load. To achieve the above objective, the following milestones are achieved along this path: 
I. Propose numerical models for analysing 3D steel-concrete composite building 
frames by:  
• Modelling the composite slab by an equivalent uniform concrete section.  
• Modelling the composite joint using the rotation and axial spring based on 
Eurocodes. 
II. Propose component model for fin plate connection and improve the fin plate 
connection response. 
III. Investigate the robustness of 3D steel-concrete  composite building by: 
• Studying the difference between a moment frame and a simple braced 
frame and their behaviours due to a sudden loss of column.   
• Studying the slab and semi-rigid joints’ contribution to the overall 
robustness of the frames. 
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IV. Develop a simplified analytical  method to predict the 3D composite building 
response under column loss by: 
• Predicting static load-displacement response using the plastic hinge 
method. 
• Predicting dynamic load-displacement response and collapse load.  
V. Perform advanced analysis on steel-concrete composite building in addition to 
conventional alternate path approach and compare the advanced analysis result 
with the conventional alternate path approach result.  
VI. Propose the schemes to enhance progressive collapse resistance of a simple braced 
frame by: 
• Changing the fin plate column-to-beam connection to end-plate 
connection. 
• Modifying fin plate column-to-beam connection. 
• Introducing Vierendeel Truss (VT) to redistribute the lost column load to 
adjacent members. 
• Using outrigger-belt truss to redistribute the lost column load. 
1.6  Structure of the thesis 
This thesis is compiled with nine chapters. Brief descriptions of each chapter are given below. 
Chapter 1: Introduction  
Chapter One briefly describes the concept of robustness and progressive collapse analysis 
procedures of building structures, research motivations and objectives of the research. 
Chapter 2: Literature Review 
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Chapter Two sums up the recent landmark progressive collapses and their reasons for 
collapse, robustness design provisions in design guidelines, past research work on robustness 
and progressive collapse analysis of building structures, and a summary of this research 
study. 
Chapter 3: Numerical models for composite frame components and verification studies 
The proposed composite slab modelling approach, the composite joint modelling approach 
and the validations of numerical studies with established experimental results and literatures 
are reported in this chapter. 
Chapter 4: Component models for steel and composite joints  
Chapter Four is composed of the proposed component model for fin plate connection, 
proposed modified fin plate connection, analytical investigation of composite joints response 
under external loading using Eurocodes and validation of analytical studies against the 
available experimental results and literature.  
Chapter 5: Contribution of floor slab to collapse resistance of building  
Chapter Five consists of a progressive collapse investigation of a nine-storey steel-concrete 
composite moment and simple braced frames, using an alternate path approach. Composite 
slab contribution in collapse resistance is taken into consideration in the progressive collapse 
analysis.  
Chapter 6: Dynamic assessment of composite frame based on plastic hinge analysis 
This chapter comprises a simplified analytical approach and validation examples. The 
simplified analytical approach is developed using plastic hinge theory.  
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Chapter 7: Composite building subject to extreme loads  
In this chapter, advanced analysis on a composite building structure is performed for a 
surface blast using US guidelines and then analysis results are compared with the 
conventional alternate path analysis results. 
Chapter 8: Methods to enhance resistance of building frame against progressive collapse  
A ten-storey steel-concrete composite building frame is chosen to study the progressive 
collapse resistance and to propose the progressive collapse mitigation approaches. Various 
lateral load resisting systems, including the composite slab and composite joint contributions, 
are taken into consideration in the progressive collapse analysis. The mentioned numerical 
investigations are reported in this chapter. 
Chapter 9: Conclusions and recommendations for future work 
This chapter concludes this research study and provides recommendations for future works. 
Appendix 1: Detailed calculation on robustness analysis and design of steel-concrete 
composite building 
Appendix One provides step-by-step calculations for the robustness design of a steel-concrete 
composite building. 
Appendix 2: Detailed calculation on dynamic assessment of composite frame based on plastic 
hinge analysis 
Appendix Two provides detailed calculation on dynamic assessment of composite frame 
response based on plastic hinge analysis. Chapter 6 summarises the results of this section. 
Appendix 3: Component modelling approach using Eurocodes 
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This section briefly describes the Eurocodes component model analytical approach and past 
research findings to calculate the joint stiffness, maximum resistance and rotational capacity.  
Appendix 4: Enhancement the progressive collapse resistance of building frame using 
Vierendeel truss 
Appendix Four provides the additional numerical results for Chapter 8. 
Appendix 5: Material model and failure criteria 
Appendix Five summarises the material models adopted in the numerical analysis (material 





2.1  Disproportionate progressive collapse 
Progressive collapse is defined in the UFC (2009) as "the spread of an initial local failure 
from element to element, eventually resulting in the collapse of an entire structure or 
disproportionately large part of it”. The ratio of total collapsed area (or volume) to the area 
(or volume) damaged or destroyed directly by the triggering event, is defined as the degree of 
progressivity. Progressive collapse is an undesirable form of failure, to be avoided at all cost. 
A building susceptible to progressive collapse is particularly concerned only if the collapse is 
disproportionate. Continuity, alternate path and local resistance are the three approaches 
available in design guidelines to design structures against the disproportionate collapse. 
Continuity is not a unique approach from redundancy and local resistance, but it improves 
either redundancy or local resistance or both. If structural components are interconnected 
more effectively, failure can be avoided or at least reduced in scale, at fairly small additional 
cost. However, interconnection can be counterproductive in some cases. Stronger 
interconnection may cause horizontal progress failure (e.g. WTC 7 collapse).  
 
If any one component fails in a well-designed structure in terms of robustness, damaged 
element load will be redistributed via alternate load paths so that collapse will not occur. 
Redundancy or alternate path design requires that a building structure should be able to 
tolerate loss of any of one column (member) without collapse. If it cannot fulfil the demand 
by an alternate path method it is susceptible to progressive or disproportionate collapse and 




2.2  Landmark progressive collapse 
2.2.1    Ronan Point 
The landmark partial progressive collapse of the 22-storey Ronan Point apartment in May, 
1968, triggered the importance of robustness design. A gas explosion on the 18th floor, caused 
the exterior precast cladding panels to fly away, where the cladding panels supported some 
portion of the exterior slab panels. The weight of the collapsed debris from the 22nd to the 
18th floor caused collapse of the lower parts to the ground as shown in Figure 2.1.  
                                                      
Figure 2.1: Ronan Point (NIST (2007)) 
Redundancy may cause challenges in building this kind of structure, as employed in the 
Ronan Point apartments. The external precast concrete cladding panels blew out regardless of 
their strength. A local resistance approach by increasing the precast wall strength was not 
useful. Therefore, interconnection of structural components is the best way to avoid the 
progressive collapse of building such as Ronan Point (Nair (2006)). They can be made via 





2.2.2    Murrah Federal building 
The nine-storey reinforced concrete Murrah Federal office building at Oklahoma City was 
destroyed by a truck-bomb on April 19, 1995. The Federal office building’s alternate 
columns were terminated at the third floor line and supported by a transfer girder between 
two-storey high columns.  The edge of the second floor was recessed and supported by 
another deep beam, spanning between short wall segments. A lateral load resisting system 
formed with shear-walls enclosing the elevator and stair core located in the front of the 
building. Two out of three destroyed columns failed by loss of lateral support when floors 
and beams failed. The loss of three columns led to failure of the transfer girder and then 
caused the collapse of transfer columns (supported by the girder) and the floor areas 
supported by those columns. As result, about half of every floor was lost over the full height 
of the building, as shown in Figure 2.2.  
                                   
Figure 2.2: Murrah Federal building (SCI (1999)) 
One column redundancy has certainly eliminated the transfer system. The smaller columns at 
a higher level have to be extended down to the ground and to be designed to tolerate the loss 
of one of them. The Federal building was not improved by redundancy, but could be 
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improved by local resistance design and by interconnection, continuity throughout the 
structure (Nair (2006),Osteraas (2006)). 
2.2.3   World Trade Centre 1 and 2  
World Trade Centre (WTC) twin towers, New York collapsed on September 11, 2001due to 
terrorist attack. The upper part of the tower was damaged by a flight impact and intense fire 
caused by flight fuel, which made the structure lose its ability to support the load above. As a 
result, the upper part of the structure collapsed. The weight and impact of debris of the upper 
part of the tower caused a progressive failure that extended downward all the way to the 
ground. The WTC 1 and 2 are shown in Figure 2.3. 
                                         
Figure 2.3: World Trade Centre (NIST (2005)) 
The exterior frame of each WTC tower was highly redundant while the interior columns were 
not redundant, except for the limited redundancy created by the hat trusses. Impact and fire 
damage were so pervasive that single column redundancy in the interior was not likely to 
have changed the outcome. Local resistance was not a practical proposition for these towers. 
Since connection failures did not appear to contribute to the disaster significantly, improving 
interconnection would not have been useful. As a result, none of the approaches of preventing 
disproportionate collapse had useful for the WTC towers (Nair (2006)). 
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2.2.4   World Trade Centre 7 
The 47-storey steel-framed World Trade Centre 7, an office building near the Twin Towers, 
collapsed on September11, 2001, after a fire occurred on its lower floors due to terrorist 
attack. A single interior column, below the 13th floor near one end of the building, lost its 
ability to support its load after several hours of exposure to un-attended fire. The entire 
building collapsed due to the failure of this one column. The damaged column caused the 
collapse of all the floors supported by it over the entire height of the building and then the 
failure progressed horizontally through the large footprint of the building in the region of 
floors 5 and 7.  
 
The WTC 7 collapse started with the failure of one column. The failed column was an 
interior column supporting 47 floors with an influence area of more than 200 m2 per floor. 
Designing the building to tolerate the loss of that particular column was not a practical 
proposition. There was no practical way to prevent collapse of the floor areas supported 
directly by the failed column. The more disturbing aspect of the WTC 7 behaviour was the 
horizontal progression as well as vertical progression due to the single column loss. 
Therefore, none of the typical means of preventing disproportionate or progressive collapse 
would have prevented this horizontal progression, which led to the ultimately 
disproportionate collapse of the entire building, due to the failure of one column near one end 
of a floor (Nair (2006)). 
2.3  Robustness design guidelines 
2.3.1 BS 5950-Part 1 
Continuity of a structural system is ensured in the British code 5950-1:2000 (BS5950-1 
(2000)) by tying horizontal (at each floor level) and vertical building components. Ties are 
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intended to assist in providing alternate load paths in case a structural element is lost. A 
member and its end connections are required to be designed for tensile force equal to its 
maximum end reaction under factored loads, but not less than 75kN. The tying arrangement 
of a steel building floor is shown in Figure 2.4.  If the notional removal of one element causes 
the collapse more than the allowable limit of the area, which is smaller than 15% of the storey 
area, or 70m2, the particular key element is designed to resist additional static pressure of 

















Figure 2.4: Tying of column of a building (BS 5950-1(2000)) 
2.3.2 Unified Facilities Criteria -4-023-03  
The Unified Facilities Criteria (UFC) provides the design requirements necessary to reduce 
the potential of progressive collapse for new and existing facilities that experience localised 
structural damage through normally unforeseen events. The American Society of Civil 
Engineers (ASCE (2006)) and UFC (UFC (2009)) define two general approaches for 
reducing the possibility of progressive collapse. They are direct design and indirect design 
approaches. Direct design approaches include explicit consideration of resistance to 










method, which requires that the structure should be capable of bridging over a missing 
structural element, with the resulting extent of damage being localised, and the Specific Local 
Resistance (SLR) method, which requires that the building, or parts of the building, provide 
sufficient strength to resist a specific load or threat. An indirect design approach for 
progressive collapse resistance is considered implicitly through the provision of minimum 
levels of strength, continuity and ductility. The commentary in ASCE 7 goes on to present 
general design guidelines and suggestions for improving structural integrity.  These include:  
1) good plan layout, 2) integrated system of ties, 3) returns on walls, 4) changing span 
directions of floor slabs, 5) load-bearing interior partitions, 6) catenary action of the floor 
slab, 7) beam action of the walls, 8) redundant structural systems, 9) ductile detailing, 10) 
additional reinforcement for blast and load reversal, if the designer must consider explosive 
loads, and 11) compartmentalised construction.  However, no quantitative requirements for 
either direct or indirect design to resist progressive collapse are provided in ASCE 7.    In 
UFC, Tie Force (TF) is used to enhance continuity, ductility, and structural redundancy by 
specifying minimum tensile forces that must be used to tie the structure together. For both 
new and existing buildings, the level of progressive collapse design is based on the 
Occupancy Category (OC) of the structure as shown in Table 2.1. The OC level is considered 
as a measure of the consequences of a progressive collapse event and it is based on two main 
factors. They are level of occupancy and building function or criticality. Three analysis 
procedures are employed for the alternate path analysis/design method. They are linear static, 
non-linear static and non-linear dynamic. A three-dimensional assembly of elements and 
components are incorporated to model, analyse, and evaluate a building response (two-








I No specific requirements 
II 
Option 1:  Tie Forces for the entire structure and Enhanced Local Resistance 
for the corner and penultimate columns or walls at the first storey.  
                         OR 
Option 2:  Alternate Path for specified column and wall removal locations. 
III Alternate Path for specified column and wall removal locations; Enhanced 
Local Resistance for all perimeter first storey columns or walls. 
IV 
Tie Forces; Alternate Path for specified column and wall removal locations; 
Enhanced Local Resistance for all perimeter first and second storey columns 
or walls. 









Figure 2.5: Accidental design situation (CEN1991-1-7 (2006)) 
Eurocode-1 (EC-1:2006; i.e. CEN1991-1-7 (2006)) highlights that localised failure due to 
accidental actions may be acceptable unless it endangers the stability of the whole structure. 
Measures should be taken to mitigate the risk of accidental actions by preventing the action 
Accidental design situation 
Strategies based on identified accidental 
actions 
e.g. explosions and impact 
Strategies based on limiting the extent 
of localised failure 
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minimum robustness 
 
Preventing or reducing the action 










Key element designed to sustain 







from occurring, protecting the structure against the effects of an accidental action and 
ensuring that the structure has sufficient robustness, as summarised in Figure 2.5. In the 
robustness design, the potential failure of the structure arising from an unspecified cause shall 
be mitigated by adopting one or more of the following approaches:   
a) Designing key elements: The key element, in which the stability of the structure 
depends, is designed to sustain the effects of accidental action. 
b) Designing the structure so that in the event of a localised failure (e.g. failure of a 
single member) the stability of the whole structure or of a significant part of it would 
not be endangered. The indicative damage limit for building structures is 100m2 or 
15% of the floor area, whichever is less, on two adjacent floors caused by the removal 
of any supporting column, pier or wall. This is likely to provide the structure with 
sufficient robustness regardless of whether an identified accidental action has been 
taken into account or not. 
c) Applying prescriptive design/detailing rules that provide acceptable robustness for the 
structure (e.g. three dimensional tying, provision of ductility). 
 
The strategies for accidental design situations are based on the Consequences Classes (CC). 
They are CC1 (low consequences of failure), CC2 (medium consequences of failure) and 
CC3 (high consequences of failure). 
I. For buildings in Consequences Class 1: 
No further specific consideration is necessary with regard to accidental actions from 
unidentified causes,  provided that a building has been designed and constructed in 
accordance with the rules given in EN 1990 to EN 1999 for satisfying stability in 
normal use.  
II. For buildings in Consequences Class 2a (lower group): 
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In addition to the recommended strategies for Consequences Class 1, the provision of 
effective horizontal ties, or effective anchorage of suspended floors to walls for 
framed and load-bearing wall construction shall be recommended. 
III. For buildings in Consequences Class 2b (upper group): 
In addition to the recommended strategies for CC 1, the provision of: 
 horizontal ties for framed and load-bearing wall construction together with 
vertical ties in all supporting columns and walls shall be recommended, or 
alternatively, 
 the building should be checked to ensure that upon the notional removal of each 
column and transfer beam, or any nominal section of load-bearing wall (one at a 
time in each storey of the building) the building remains stable such that any local 
damage does not exceed a certain limit. 
Where the notional removal of such columns and sections of walls would result in an 
extent of damage with excessive allowable limits, then such elements should each be 
designed as a "key element". 
IV. For buildings in Consequences Class 3: 
A systematic risk assessment of the building should be undertaken with the 
consideration of both foreseen and unforeseen hazards as shown in Figure 2.6. 
Eurocode-1 provides guidance for the planning and execution of risk assessment in 
the field of building and civil engineering structures.  



















Figure 2.6: Risk based approach (CEN1991-1-7 (2006)) 
2.3.4 General Services Administration   
General Services Administration (GSA (2003)) provides a threat independent methodology 
for minimising the potential of progressive collapse. It highlights that consideration of beam-
to-beam continuity, connection resilience, connection redundancy, connection rotational 
capacity, connection strength and global frame redundancy will provide a much more robust 
steel frame structure and increase the probability of achieving a low potential for progressive 
collapse. For the progressive collapse analysis, GSA requests consideration of an 
instantaneous loss of a 1st storey column, (1) at or near the middle of the long side of the 
building, (2) at the corner of the building and (3) at the interior of the perimeter column lines 
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with the loading of ‘2(Dead load + 0.25Live load)’ vertical load for static analysis and ‘(Dead 
load + 0.25Live load)’ vertical load for dynamic analysis. The allowable extent of collapse 
for the instantaneous removal of a primary vertical support member along the exterior of a 
building is limited to the smaller of the structural bays directly associated with the 
instantaneously removed vertical member in the floor level directly above the removed 
vertical member, or 1800ft2 at the floor level directly above the removed vertical member.  
The allowable extent of collapse for the instantaneous removal of a primary vertical support 
member within the interior of a building is limited to the smaller of the structural bays 
directly associated with the removed vertical member or 3600ft2 at the floor level directly 
above the removed vertical member. An examination of the linear elastic analysis results 
shall be performed to identify the magnitudes and distribution of potential demands on both 
the primary and secondary structural elements for quantifying potential collapse areas. The 
magnitude and distribution of these demands are indicated by Demand-Capacity Ratios 
(DCR). A non-linear analysis acceptance criterion is according to the ductility and rotation of 
a member. 
2.4  General practice of robustness design of structure 
Design guidelines and research publications are currently available to design the building 
against progressive collapse and to improve its robustness (Mohamed (2006), Astaneh-Asl 
(2003), Udilovich et al. (2010), UFC (2007), GSA (2003), BS5950-1 (2000), UFC (2009), 
CEN1991-1-7 (2006)). Robustness of the building structures are generally ensured by-, (i) 
providing additional strength to the critical member (key element design), (ii) designing the 
building with multiple load paths (alternate path design), (iii) providing a second line of 
defence. For example, collapse of flat slabs due to punching shear failure can be prevented by 
providing bottom reinforcement through the column, (iv) providing sacrificial structure. If 
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survival of a structural system cannot be assured by its own resistance, robustness may be 
brought through protective measures such as supplementary elements destruction or damage, 
which may be acceptable, (v) monitoring and human intervention. Some failure modes 
develop gradually, or over some time, giving visible or audible warning of distress. It may be 
possible to reinforce the structure, or to relieve it of some forces before it breaks. 
Instrumental monitoring can enhance visual observation but it must be reliable itself, (vi) 
compartmentalisation of structural units, (vii) using moment-resisting frames, (viii) providing 
seismic detailing by improving ductility, (ix) jacketing of existing building columns to 
increase local resistance, (x) adding walls to compartmentalise, (xi) using steel cables under 
slabs to retrofit existing structures, (xii) confining the columns and ensuring the continuity of 
slab and beam top and bottom reinforcement, (xiii) considering the components design with 
reinforcement patterns that support loads in directions other than primary loading directions, 
(xiv) providing lap slices to ensure fully developed reinforcement capacity, (xv) avoiding 
transfer girders and (xvi) providing stiff hat/outrigger-belt truss. 
 
 
When unforeseen situations arise, building structures are subjected to a localised failure, 
leading to potential progressive collapse with serious consequences. However, in most cases, 
the likelihood of progressive collapse risk is very low and additional structural requirements 
are unlikely to be necessary for many building structures. The building robustness and 
vulnerability should be written in probability form as (Kratzig and Petryna (2005)): 
 
If the structural damage, D, structural integrity, I = 1-D. 
Robustness, R = ∫
t- timeLife
Idt       or    R   = ∫
p-process  Loading
Idp  
Vulnerability, V = ∫
t- timeLife
Ddt     or    V   = ∫
p-process  Loading
Ddp    = 1-R 
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2.5 Current research trends and findings 
2.5.1 Investigation of building frame components’ response 
Cashell et al. (2010) performed experimental and analytical investigation on a lightly 
reinforced concrete slab under extreme loading condition. The main purpose of the 
investigation was to examine the failure of idealised members representing isolated strips 
within composite floor slabs, which become lightly reinforced in a simulated fire situation 
due to the early loss of the steel deck. Abdullah and Easterling (2009) proposed a method for 
modelling the horizontal shear bond in steel deck-concrete composite slabs. The method 
considered the slab slenderness as the strength parameter that affects the accuracy of 
horizontal shear bond modelling. The authors reported that the shear bond of composite slabs 
under bending varied with the slenderness parameter, and hence influenced the slab strength 
and behaviour. Ranzi et al. (2009) experimentally investigated the responses of simply 
supported composite steel–concrete beams under flexural loading for different shear 
connector’s positions on a profile metal deck. Lam et al. (2011) performed push tests on 
composite beams with the profiled sheeting. The authors reported that the shear connector 
resistance of pairs of shear connectors placed in a favourable position was 94% of a single 
shear stud on average, when the transverse spacing between studs was 200mm or more. For 
the same spacing, the resistance of staggered pairs of studs was only 86% of the strength of a 
single stud. The strength of double shear studs in a favourable position was higher than that 
of the staggered pairs of shear connectors. Elghazouli and Izzuddin (2004) investigated the 
large displacement behaviour of reinforced concrete and composite slabs under extreme 
loading conditions, using the slab model proposed by Izzuddin et al. (2004). Izzuddin et al. 
(2004) proposed a slab model to account for material and geometric non-linearities under 
ambient as well as elevated temperatures. Using the proposed slab model, the authors 
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investigated the significance of compressive arching and tensile membrane actions, under 
various boundary conditions, and the importance of adopting a realistic representation of the 
composite slab geometry.  
 
Gizejowski et al. (2010) examined the steel-concrete composite end-plate joint’s response 
under flexural loading. Proposed numerical models using the ABAQUS computer code were 
validated against experimental investigations. A wide range of steel and composite joint 
experimental and analytical investigations are currently available in the literature (Dasison et 
al. (1987), Richard et al. (1988), Astaneh et al. (1989), Anderson and Najafi (1994), Liew et 
al. (2000), Liu and Astaneh-Asl (2000), Anderson (2001), Brown and Anderson (2001), 
Astaneh-Asl et al. (2002), De et al. (2004), Liew et al. (2004), Sarraj et al. (2007) and etc.). 
2.5.2 Investigation of building frame response  
Sadek et al. (2008) investigated the robustness of a typical steel-concrete composite floor 
system with simple shear connections subject to the removal of a central column. The 
analysis results showed that the floor slab contributes significantly to the overall resistance 
due to floor diaphragm action preventing the exterior columns from being pulled inward.  
The floor is capable of developing membrane action primarily through the floor 
reinforcements and metal decking. The analysis study concluded that the frame was 
vulnerable to collapse due to a sudden loss of the centre column. Alashker et al. (2010) 
discussed the progressive collapse resistance of steel-concrete composite floors in which steel 
beams were attached to columns through shear tabs. The studies showed that the resistance 
against collapse came from the steel deck and, for the system considered, increasing the 
connection strength by adding more bolts might not be beneficial in increasing the overall 
resistance against collapse.  
29 
 
Kaewkulchai and Willaimson (2006) proposed a modelling strategy to account for the impact 
of failed members against other structural components to extend the capabilities of the initial 
models. The authors found impact velocity played the most significant role in causing the 
failure of intact beam elements. Ruth et al. (2006) numerically investigated the 2D and 3D 
skeleton moment frame response under column loss. The authors found that none of the 
parameters (number of bays, number of stories, member sizes, member lengths, foundation 
constraints, strain-hardening of hinges, and loading pattern) used in their study noticeably 
affected the value of the equivalent dynamic multiplier. The authors also mentioned that the 
equivalent dynamic multipliers did not reach a value close to 2.0 and the highest recorded 
dynamic multiplier was 1.41. Marjanishvili and Agnew (2006) studied the response of a nine-
storey steel moment frame under perimeter column loss using linear-elastic static, non-linear 
static, linear-elastic dynamic and non-linear dynamic methods. The authors reported that 
dynamic analysis results were more accurate than the static analysis results. They also 
showed that current GSA (2003) performance limits for linear analysis procedures were un-
conservative, which meant that a structure designed with acceptable linear evaluation criteria 
may exceed allowable ductility and rotation limits when non-linear dynamic analysis is 
performed on the same structure. Kim et al. (2009) developed an integrated system for 
progressive collapse analysis, which can evaluate the damage level of every member and 
automatically construct the modified structural model for the next analysis step. It was able to 
simulate the progressive collapsed by 3D graphic animation using “OpenSees” program code. 
 
Wang and Li (2007) performed an experimental investigation on a small scale two-storey 
composite frame under flexural loading. The beam-to-column connection was a flush end-
plate welded to the beam end and bolted to the column flange. The authors reported that the 
partial strength composite end-plate connection had reasonable strength and stiffness, and its 
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rotation capacity, satisfied the ductility requirement of not less than 30 mrad for earthquake-
resistance.  
 
Fu (2009) reported that the research on the behaviour of the progressive collapse of a 
building has been limited due to,(i) limited availability of analysis tools, (ii) the high cost and 
cumbersomeness of a full scale test, (iii) the complicated geometric models for 3D detailed 
numerical modelling, and (iv) the fact that a two-dimensional model does not predict the 
overall structural behaviour accurately. Fu (2009) performed finite element analysis using a 
20-storey 3D steel frame to study the response of a frame under sudden column loss for 
different structural systems (core frame, braced frame) and different scenarios of column 
removal. Fu (2010) used a 3D finite element model for progressive collapse analysis of a 
multi-storey steel composite building. Through the parametric study, it was found that a 
multi-storey building with a cross-bracing lateral load resistance system is less vulnerable to 
progressive collapse, and increasing slab reinforcements helped to enhance the structural 
performance of the floor beam system in resisting progressive collapse due to sudden column 
loss. Kwasniewski (2010) investigated the progressive collapse resistance of the 8-storey 
Cardington building using GSA guidelines (GSA 2003). The author proposed a simplified 
composite slab model to reduce the computational cost. However the analysis of the 8-storey 
3D building, which consists of five bays in a longitudinal direction and three bays in a 
transverse direction, required the use of 60 processors and took 19 days to complete. The 
objective of the author’s study was to identify modelling parameters (e.g. composite slab and 
beam-to-column connection) affecting the final result (potential of progressive collapse) and 
propose a hierarchical verification and validation program for reducing outcome uncertainties 
(e.g. tension stiffening of concrete). Analysing the non-linear dynamic behaviour of a full 3D 
building frame normally requires high computational time and consumes huge computational 
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resources. Although well-calibrated simplified two-dimensional (2D) frame models can be 
relied upon to model progressive collapse, the results obtained from 2D frame analyses 
cannot always be viewed as conservative (Alashker et al. (2011)).  Alashker et al. (2011) used 
12 CPUs with 24 GB RAM to perform progressive collapse investigation of a 10-storey steel 
building. The authors reported that the floor system contributed significantly to the collapse 
response.  
2.5.3 Investigation of building frame response analytically 
Alashker and El-Tawil (2011) proposed a design-oriented model for computing the load 
resisting capacity of steel-concrete composite floors subjected to interior column loss. The 
model was based on the premise that floor collapse was resisted through the development of 
membrane action in the slab elements and catenary forces in the steel beams. The proposed 
model was incremental in nature and tracked the evaluation of damage in a floor system up to 
failure. Lee et al. (2009) developed two non-linear analysis methods that can be used for a 
simplified evaluation of progressive collapse potential in welded steel moment frames. 
 
Izzuddin et al. (2008) proposed a simplified framework for progressive collapse assessment 
of multi-storey buildings, considering sudden column loss as a design scenario. The proposed 
framework offered a practical means for assessing structural robustness at various levels of 
structural idealisation. A major feature of the approach was its ability to accommodate 
simplified as well as detailed models of the non-linear structural response. Three main stages 
were utilised in the proposed assessment framework, including the determination of the non-
linear static response, dynamic assessment using a simplified approach, and ductility 
assessment. Furthermore, Vlassis et al. (2008) demonstrated the applicability of the Izzuddin 
et al. (2008) approach by means of a case study.  It was shown that beam-to-column 
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connection with a flexible fin-plate could lead to progressive collapse. The authors reported 
that the provision of additional reinforcement in the slab over the hogging moment regions, 
and the existence of axial restraint by the adjacent structure, generally have a beneficial effect 
on both the dynamic load carrying and deformation capacities. The authors also highlighted 
the inability of bare-steel beams to survive column removal since tying force requirements 
alone cannot always guarantee structural robustness without explicit consideration of ductility 
demand/supply in the support joints of the affected members. Zolghadr-Jahromi et al. (2013) 
further investigated the Izzuddin et al. (2008) approach reported above, by considering the 
inter-storey continuity. The authors found that grillage models may provide a good balance 
between accuracy and computational efficiency for practical robustness assessment, subject 
to incorporating essential modelling features proposed by these authors. 
2.5.4 Investigation of building frame response under extreme load 
Many researchers have investigated blast effects on steel and concrete buildings. Little 
research work has been reported for steel-concrete composite buildings. Shi et al. (2010) 
studied a three-storey two-span reinforced concrete (RC) frame for possible progressive 
collapse under a blast. Direct blast analysis results were compared with the results from an 
alternative path approach. The authors reported that the direct blast analysis more accurately 
predicted the structural progressive collapse process than the alternate path approach. Ngo et 
al. (2007) presented a comprehensive overview of the effects of explosion on structures. An 
explanation of the nature of explosions and the mechanism of blast waves in free air was 
provided.  The authors also introduced different methods to estimate blast loads and structural 
response. Draganic and Sigmund (2012) described the process of determining the blast load 
on structures and investigated a reinforced concrete structure subject to direct blast load. 
Raparla and Kumar (2011) studied the linear response of different RC bare frames subject to 
33 
 
the blast of different charge weights. They found that the increase in structural response (e.g. 
displacement) was not linearly related to the charge weight and the displacement response 
was low for heavy structures compared to lighter structures. Fu (2013) performed a numerical 
investigation on a 3D 20-storey steel-concrete composite building subject to a 15kg package 
bomb blast, which was detonated on the 12th floor. Comparison between the direct blast 
analysis and alternate path approach were reported.  The author found that, due to the uplift 
and downward pressure acting on the slab, the column force under the direct blast analysis 
was smaller than that of the alternative path approach. 
2.5.5 Enhancement the progressive collapse resistance of building  
Yu et al. (2010) investigated the collapse behaviour of composite floor steel frames by 
retrofitting the structure with pre-stressed steel cables and increase the crack resistance of 
concrete at column-to-beam joints.  These two approaches helped to improve the lateral tying 
of columns in the frame and thus enhanced structural resistance against progressive collapse. 
Alashker et al. (2010) reported that the resistance against collapse came from the steel deck 
and, for the system considered, increasing the connection strength by adding more bolts 
might not be beneficial in increasing the overall resistance against collapse. Fu (2010) 
mentioned that, (i) increasing the strength of steel structural members and concrete 
marginally enhances the progressive collapse resistance of the building, (ii) increasing the 
area of slab reinforcement is disadvantageous, since it improves the ductility of the slab and 
hence increases the dynamic displacement under a column loss, (iii) reducing the column 
spacing is an effective way of enhancing the progressive collapse resistance, (iv) a building 
with cross-bracing lateral resisting system is less vulnerable to progressive collapse under a 
column loss. Although several approaches of mitigating the progressive collapse of buildings 
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have been proposed in the literature, they may not be economical or suitable for practical 
implementation. 
2.6  Summary 
Research on robustness and progressive collapse analysis has been performed over the last 
two decades with few simplifications in composite slab and joints. This is because detailed 
modelling of non-linear behaviour of steel-concrete composite slabs and joints are rather 
tedious and involve interaction between floor beams, slab and beam-to-column joint 
behaviour.  A full non-linear analysis requires much computational time to capture the non-
linear interaction between each composite slab and beam and joint components. Therefore, 
most collapse analyses consider the simplified (two-dimensional or three-dimensional) 
frames with the simplification in floor slab and / or semi-rigid joints. However, floor slab and 
joints are vital parts of the building and past research has shown that they contribute 
considerably to the resistance of progressive collapse. In addition, the following deficiencies 
have been found in the past research: 
a) Only limited types of moment and/or simple braced frame robustness with or without 
floor slab and semi-rigid joint responses have been reported in the literature. 
Furthermore, many research has concentrated on analysing small scale, single storey 
buildings to avoid high computational cost. 
b) Generally, a Eurocode component model is used to predict the composite joint 
response. However, the details available in Eurocodes are insufficient to calculate the 
fin plate connection response. 
c) There are limited (or almost no) simplified analytical methods available to predict the 
dynamic response of a building frame. Simplified analytical methods could also be 
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used for the preliminary design because experimental or full numerical investigation 
of large 3D scale frames is generally costly and time consuming. 
d) Little research work (almost none) has been done on the robustness of composite 
building under extreme loading. Reinforced concrete buildings under blast are broadly 
investigated with few simplifications. Therefore it is important to investigate the 
composite frame behaviour under blast. Eurocodes highlight the need to perform 
systematic risk assessment for the high consequences of failure. Therefore, advanced 
analysis by taking into account the probable extreme load scenarios could be preferred 
for the robustness analysis of building structures. 
e) Although several approaches to mitigating the progressive collapse of buildings have 
been proposed in the literature, they may not be economical or suitable for practical 
implementation.  
By considering the deficiency in the past research, the following are focused on in this 
research study: 
I. Propose a composite slab model, which can be easily incorporated in a 3D numerical 
model for collapse analysis of 3D composite building frames. The proposed 
composite slab model avoids complicated geometric modelling of a metal deck profile 
and requires less computational time for analysing large building frameworks.  
II. Propose a composite semi-rigid joint model so that appropriate joint behaviour of a 
building frame can be captured and the influence on the frame can be assessed with 
reasonable accuracy. The proposed composite joint model avoids detailed finite 
element modelling of joint components and improves the computational efficiency.  
III. Propose a component model for fin plate connection and modify the fin plate 
connection response. Then, predict the semi-rigid joints’ moment-rotation and the 
axial force-displacement behaviours of joints using Eurocodes. 
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IV. Investigate the behaviour of a variety of building frames (moment/braced frame) 
under column loss and identify the factors governing the progressive collapse 
resistance of building.   
V. Develop a simplified analytical approach to predict the dynamic response of a 
building frame under column loss using the plastic hinge method.  
VI. Perform advanced analysis for extreme load and compare the advanced analysis result 
with the conventional alternate path approach (removal of one element). 




NUMERICAL MODELS FOR COMPOSITE FRAME COMPONENTS 
AND VERIFICATION STUDIES 
3.1  Simplified finite element models  
Two types of numerical models are adopted for the numerical study in this section, namely, 
the simplified finite element model and the 3D finite element model.  A simplified composite 
joint model, composite slab model and line elements for frame elements are used for the 3D 
building numerical analysis to improve the computational efficiency and thus it is called the 
simplified finite element model. Element type and modelling approach for the 3D finite 
element model is described in Section 3.2. A simplified joint model and slab model avoids 
detailed finite element modelling of components and leads to overall improvement in 
computational efficiency of analysing large building frames.  
3.1.1 Composite joint  
A composite joint is modelled by a six degree of freedom (DOF) non-linear connector using 
ABAQUS (Simulia (2011)). The connector behaviour is represented by axial force-
displacement and moment-rotation relationships. These relationships can be established using 
a Eurocode 3-1-8 and Eurocode 4-1-1 component model approach (CEN1993-1-8 (2005), 
CEN1994-1-1 (2004)), which is discussed in Chapter 4. Figure 3.1 illustrates that the joint 
components are represented by the simplified joint model in ABAQUS. As shown in Figure 
3.1a, axial springs are used to represent the joint component for a slab under tension, bolt in 
shear, beam web in bearing and fin plate in bearing, etc. A Eurocode 3-1-8 and Eurocode 4-1-
1 component model is used to calculate the stiffness and resistance of each axial spring 
connector. The connectors in a joint are then assembled using two rigid bars and then 
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analysed using the finite element analysis software, ABAQUS, subject to axial force and 
moment as shown in Figure 3.1c. Rigid bars represent the column and beam and each axial 
connector represents the joint components’ axial force-displacement relation. The joint’s 
moment-rotation (M-θ) and axial force-displacement (F-d) relationships can be calculated for 
frame analysis. Finally, these relations are represented by an axial and rotational connector in 
the analysis of the frame with semi-rigid joint, as shown in Figure 3.1d. The frame analysis 
assumes zero joint size and neglects the effect of panel zone shear deformation in the beam to 
column joints (da Silva et al. (2008)).  
                                                                                                       
 













   (c)        (d)  
Figure 3.1: Model for fin plate connection (a) Eurocode-3 component model (b) ABAQUS 
model (c) force response relationship of joint (d) joint representation in frame analysis  
The proposed composite joint model is capable of incorporating the moment-axial force 
coupling effect, since only the moment-rotation and axial force-displacement relationships 
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are required to define the joint’s of a building frame. Eurocode 3 (EN 1993-1-8:2005) (CEN 
2005) Cl 6.2.7.1 highlights that the component model for determining the design moment 
resistance, Mj,Ed, of a joint does not take account of any co-existing axial force in the 
connected member. The model should not be used if the axial force in the connected member 
exceeds 5% of the design plastic axial resistance of its cross section. It further mentioned that 
if the axial force NEd in the connected beam exceeds 5% of the design resistance, Npl,Rd , the 
following conservative method may be used to account approximately for the axial force and 





	, ≤ 1 
(3.1) 
where, Nj,Rd is the axial resistance of the joint, assuming there is no applied moment, and 
Mj,Rd is the moment resistance of the joint, assuming there is no applied axial force. 
3.1.2  Composite slab  
A simplified composite slab model is proposed to avoid complicated geometry modelling of 
the profile composite slab and to reduce the computational time required for analysing the 3-
D large scale framework. The profile metal deck is represented by rebars in a longitudinal 
direction based on equivalent area of the respective web and flange plates of the metal deck, 
at which rebar is assigned at the centre of each metal deck strips. Profile concrete is 
converted into an equivalent uniform concrete section and it is modelled using a four-node 
homogeneous shell element with reduced integration (S4R). Rebar is defined using rebar 
definition through the ABAQUS library. The proposed simplified composite slab model is 
shown in Figure 3.2.  The profile concrete in the composite slab as shown in Figure 3.2a is 
converted into an equivalent concrete slab with uniform thickness, DS-DP/2, as shown in 
Figure 3.2b. Metal deck strip areas A1, A2 and A3 are calculated by multiplying the deck 
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thickness by its strip length. The rebar area becomes, a1 = A1, a2 = A2 and a3 = A3. The 
composite slab will be converted into an equivalent uniform reinforced concrete section using 
the proposed simplified slab model and thus the equivalent concrete section could be 
modelled using a shell element, and rebar could be represented by the rebar option in 












Figure 3.2: Proposed simplified composite slab model  
A slab model with an equivalent second moment area is compared against the proposed slab 
model, which is based on an equivalent area of steel and concrete. It is observed that the 
effect on global response of frame (e.g. deflection) is not significant since the slab is 
compositely modelled with a steel beam. The composite beam stiffness is not significantly 
affected by the small changes in depth of the concrete and the exact position of rebar. 
Alashker et al. (2010) reported that increasing the slab reinforcement did not change the 
frame load-displacement behaviour significantly. The simplified slab model is proposed 
based on assumptions that (1) slip between the concrete and metal deck is neglected. 
(c) Concrete slab with metal deck  modelled 
as rebars with equivalent areas  
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Zolghadr-Jahromi et al. (2013) suggested that slip between concrete slab and metal deck will 
not significantly affect the global response of the frame, (2) stiffness of the metal deck in the 
orthogonal direction is negligible and can be ignored, (3) inelastic behaviour of each 
composite slab components (concrete, metal deck and rebar) can be defined by their 
respective material stress-strain relationships and the small error, due to the change of depth 
of bottom deck area A3, is negligible. This model is different from that used by Alashker et 
al. (2011) who assumed that the rebar area = 50% of metal deck area and that the rebar area 
was defined at the centreline of the slab, and (4) embossment on the metal decking is not 
taken into consideration in calculating the area and second moment of area of deck. 
3.1.3  Frame elements 
Steel beams and columns are modelled using B31-two-node linear beam elements. Interaction 
between beam and slab is defined by tie constraint to represent the composite action between 
the concrete slab and steel beam. Partial composite action, slip between studs and concrete 
are not considered. Partial interaction in composite beams was found to have negligible 
effects on the global response of 3-D frames (Zolghadr-Jahromi et al. (2013)). In addition, 
local buckling of members is not considered, which can be avoided by using steel sections 
with at least Class 3 cross section (CEN1993-1-1 (2005)). 
3.2  3D finite element models  
Numerical studies are done herein using the simplified numerical modelling approach 
mentioned above and a 3D finite element modelling approach. Computational cost for the 3D 
finite element model analysis is higher than the simplified numerical model analysis. 
Therefore, a 3D finite element model is only adopted for the composite frame component’s 
verification study (e.g. composite beam response under flexural load). Composite building 
42 
 
frame numerical analysis is done using the proposed simplified finite element model and thus 
3D finite element modelling approach for column and joint is not reported here. 
3.2.1  Composite slab  
The profile concrete slab is modelled using 3D, 8-node linear brick elements (with reduced 
integration, C3D8R) and the metal deck is modelled using 4-node homogeneous shell 
elements (with reduced integration, S4R). Vertically hard contact and horizontally frictional 
interaction behaviours are defined in between the metal deck and the concrete via interface 
surface-to-surface contact.  
3.2.2  Composite beam 
Composite beam components are individually modelled and then assembled to form a 
composite beam (steel beam by S4R, concrete by C3D8R, deck by S4R, reinforcement and 
studs by two-node 3-D truss element T3D2). Steel beam and shear studs are merged to 
represent the welded stud on beam. Shear studs and reinforcement are embedded into the 
concrete using ABAQUS embedded function. Slip between studs and concrete, concrete and 
reinforcement are ignored. 
3.3  Verification of numerical model  
Proposed numerical models are verified with the established test and numerical data available 
in the literature. 
3.3.1  Reinforced concrete two-way slab subject to flexural load  
A test carried out on a reinforced concrete slab, by Cervera et al. (1987) and Nazem et al. 
(2009), is used to study the reinforced concrete two-way slab response subject to flexural 
load. A corner supported reinforced concrete (RC) slab, S1, is studied by comparing the 
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numerical results with the experimental results. The slab is composed of two reinforcement 
meshes at both top and bottom. A concentrated load is applied at the centre of the slab, at 
point A, as depicted in Figure 3.3a. Only transverse deflections are restrained at the corner 
supports. Steel and concrete material properties are given in Tables 3.1 and 3.2. A concrete 
damage plasticity model using Eurocode is adopted to define the concrete behaviour under 
tension and compression. The concrete compressive strength and tensile strength are reported 
in Table 3.2. Further detail on the material models are reported in Appendix 5. Figure 3.3b 
shows the comparisons between the test result and numerical result predicted using ABAQUS 
on the load versus mid-point deflection curve.  The predicted load-deflection response using 
non-linear static analysis is found to be in good agreement with the test result. It means the 
numerical result predicts initial stiffness, maximum resistance and load-deflection relation of 
the slab very well. A four-node homogeneous shell element with reduced integration (S4R) is 
sufficient to predict the reinforced concrete slab behaviours. Different finite element mesh 
sizes are used and the mesh size of 50mm is well-agreed with the test result. Computational 
time for mesh size of 50mm is about five minutes. Less than one minute is adequate to run 
the numerical model for mesh sizes 100mm and 200mm. However, the predicted maximum 
load using mesh size 200mm and 100mm is 72.9kN and 65.2kN respectively and they are 
deviated with the test result of 62.2kN.   
 Top layers thickness (mm) Bottom layers thickness (mm) 
x-direction y-direction x-direction y-direction 
S1 0.193 0.193 0.397 0.397 





















Test by Cavera et al. (1987)
Present analysis
Concrete  
Young’s modulus Ec = 16400 N/mm2 
Poisson’s ratio υ = 0.15 
Maximum compressive strength fc' =	43 N/mm2 
Maximum compressive strain εcu = 0.0035 
Cracking tensile stress ft' 	=	3 N/mm2 
Steel  
Young’s modulus Es = 201000 N/mm2 
Yield stress fy = 670 N/mm2 
Table 3.2: Material properties (Cervera et al. (1987)) 
 
 






                          
                                 
 
 
                                                                       
(a)                (b) 
Figure 3.3: (a) RC slab details (Nazem et al. (2009)) (b) load-deflection curve for RC two- 
way slab 
3.3.2  Composite slab bending test 
A composite slab tested by Abdullah and Easterling (2009) is referred to study the composite 
slab response under flexural load. Schematic test setup is shown in Figure 3.4 and Figure 3.5. 
Properties of concrete and steel sheeting are summarised in Tables 3.3 to 3.5. Test and FEM 
results from Easterling and Abdullah (2009) are compared with the results obtained from the 
simplified numerical model as shown in Figures 3.6 to 3.8. ABAQUS explicit dynamic 
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smooth amplitude function to ensure a quasi-static loading using dynamic explicit procedure. 
Different loading rates have tried and the reasonable loading rate is chosen. Dynamic 





Figure 3.4: Bending test specimen elevation view (Abdullah and Easterling (2009)) 
 
 
Figure 3.5: Test specimen cross section view (Abdullah and Easterling (2009)) 


























strength fc'  
(MPa) 
5 76 1.5 350 410 1220 410 190 35 
8 76 1.5 350 410 3660 1120 125 35 
9 76 1.5 350 410 4270 1320 125 31 
Table 3.3: Test specimens and parameters (Abdullah and Easterling (2009)) 
Steel properties Values 
Density 7800 kg/m3 
Elastic modulus (flanges) 203.4 GPa 
Yield stress (flanges) 345 MPa 
Elastic modulus (web) 101.7 GPa 
Yield stress (web) 173 Mpa 















Concrete properties Values 
Density 2400 kg/m3 
Elastic modulus 24.8 GPa 
Poisson ratio 0.2 
Cracking failure stress 2.07 MPa 
Table 3.5: Mechanical and brittle cracking properties of concrete (Abdullah and Easterling 
(2009)) 
 
Figure 3.6: Load-mid span deflection for specimen S5 
Concrete material is modelled using the concrete damage plasticity model in ABAQUS with 
the concrete tensile strength of 10% of compressive strength. Compressive strength of 
concrete is indicated in Table 3.3. Further detail on the material models are reported in 
Appendix 5. Mesh size of 10mm is adopted for specimen 5 and mesh size of 20mm is 
adopted for specimens 8 and 9. It is observed that there is no difference in results for mesh 
sizes 10 and 20. Load is slowly applied by means of the smooth amplitude function to ensure 
a quasi-static loading (2-seconds, 5-seconds and 20-seconds are used). Computational time 
for 5-seconds simulation time is about 2.5 hours and the computational time for 20-seconds 













Test by Easterling and Abdullah (2009)





The discrepancies between the test result and the predicted numerical results are mainly due 
to the assumption of perfect bonds between the concrete and the metal deck, which results in 
over-prediction of the initial stiffness and strength of the specimen. Insufficient details of the 
materials are reported in Abdullah et al. (2007) and thus the Eurocode-2 concrete material 
model (CEN1992-1-1 (2004), Cornelissen et al. (1986)) is adopted in this verification study. 
Abdullah et al. (2007) reported that based on the experimental results, specimen was layered 
into few layers with unique material properties. It is generally cumbersome to define a 
specimen with many material models. Therefore concrete damage plasticity model using 
Eurocode 2, EC2 is adopted here to define both the compression and tensile behaviour of 
concrete in ABAQUS. The Eurocode-2 concrete material model overestimates the strength of 
the test specimen. Both the above mentioned combined effects (of using the perfect bond and 
the Eurocode-2 material model) affect the accuracy of results by 10% compared to the test 
result. The numerical models are sufficiently refined and they are not the reason for the 
discrepancies between test and numerical analysis.  The linear finite element adopted in the 
verification study is sufficiently adequate as verified in Section 3.3.1. 
 

















Test  by Easterling and Abdullah (2009)
FEM  by Easterling and Abdullah (2009)
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Abdullah and Easterling (2009)’s FEM predicts the maximum resistance of the composite 
slab reasonably well, but it does not capture the initial stiffness of the composite slab 
compared to the test result. However, the proposed simplified composite slab model captures 
both the initial stiffness and the maximum resistance of the composite slab reasonably well. 
The predicted maximum resistance of composite slab is within 90% accuracy compared to 
the test result, which is acceptable in this investigation due to the complicated geometry and 
complex interaction response of composite slab. On the other hand, detailed modelling of the 
non-linear behaviour of a composite slab is troublesome and involves other structural 
components including interaction between steel deck/rebar and concrete slab.  A full non-
linear analysis requires much computational time (the computational time is reported in the 
literature review) to capture the interaction between a concrete slab and the steel components. 
The proposed slab model avoids detailed geometric modelling of metal deck profile and 
requires less computational time for analysing a large building frame. The proposed slab 
model is accurate enough in predicting the composite slab behaviour with less computational 
effort. 
 
















Test  by Easterling and Abdullah (2009)
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3.3.3  Composite beam behaviour under flexural load 
Tests carried out on composite beams by Ranzi et al. (2009) are referred to, for the numerical 
study of composite beam response under flexural load. A 130mm thick, 2000mm wide 
composite slab was connected with an 8050mm length Australian standard 360UB44 beam 
(CB1) and a 410UB54 beam (CB2). One stud was welded in each trough for beam CB1 and 
two studs were welded in each trough for beam CB2. Studs are of 19mm diameter and, after 
welding, have a height of 115mm above the steel deck. Beam CB1 was tested at a concrete 
age of 20 days, and reloaded at 27 days. Beam CB2 was tested at a concrete age of 22 days. 
The test details are shown in Figure 3.9. The beams were tested by applying 16 point loads; 
this is represented with patch load in the numerical model.  
 
The material models adopted in this verification study are reported in Appendix 5. Mesh size 
of 35mm is adopted for the 3D FEM model and mesh size of 50mm is adopted for the 
simplified FEM. Load is slowly applied by means of the smooth amplitude function to ensure 
a quasi-static loading. Computational time for simplified FE analysis is about 1-hour for 
preliminary analysis and the simplified FE analysis consumes about 12-hours for 10-seconds 
loading time. The 3D FE analysis could not be completed within a week for 10-seconds 
loading time and thus the load time is adjusted to 0.5-second. The computational time for 3D 
FE analysis is about 1.5-days for 0.5-second loading time. As mentioned the computational 
time significantly increases with the step/loading time. Numerical models in ABAQUS are 
shown in Figures 3.10 and 3.11. The test result from Ranzi et al. (2009) is compared with the 
result obtained from the simplified finite element model as shown in Figures 3.12 and 3.13. 
The numerical result using 3D finite element model is obtained for the beam CB1 only and it 
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(a)                                                     (b) 
Figure 3.10: (a) Finite element mesh for 3D FE model (b) simplified FE model in ABAQUS  
 
  
   (a)     (b) 
  
   (c)     (d) 
Figure 3.11: (a) Steel beam with welded stud (b) rebar mesh (c) metal deck (d) profiled 






















Figure 3.12: Total applied load – mid span deflection of beam CB1 
  
Figure 3.13: Total applied load – mid span deflection of beam CB2    
In the 3D FE model, (1) metal deck embossment is avoided, (2) studs are simplified as wire 
elements and embedded into the concrete and (3) the head of the stud is not modelled. The 
proposed simplified finite element model captures initial stiffness reasonably well and it also 
captures maximum resistance of the composite slab within 95% accuracy compared to the 
test result, which is acceptable in this investigation due to the complicated geometry and 
complex interaction response of composite beam. The simplified finite element model (FEM) 
avoids detailed geometry modelling of the composite beam and reduces the computational 
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and has involved other structural components including interaction between steel deck, rebar, 
beam and concrete slab.  A 3D non-linear analysis requires much computational time to 
capture the non-linear interaction between concrete slab and steel components. The proposed 
slab model is accurate enough in predicting the composite slab behaviour with less 
computational effort. Computational cost of the 3D finite element model is higher than the 
simplified finite element model. Therefore, the proposed slab model is preferred to 
incorporate in the 3D building analysis since it avoids detailed geometric modelling of the 
metal deck profile and reduces the computational time for analysing large building frames.           
3.3.4  Ribbed slab response under large deflection  
A ribbed slab with dimensions of 9.5m x 6.46m was tested to failure under gradually applied 
uniformly distributed load by Bailey et al. (2000). Ribs of the slab run along the short 
direction of slab. Reinforcement mesh 142mm2/m with yield and maximum strength about 
580 and 640N/mm2 respectively were provided. The fracture strain of rebar is taken at 0.20 
plastic strain. Light weight concrete was used and its average concrete cube strength was 
50N/mm2. Concrete material was modelled using the concrete damage plasticity model in 
ABAQUS. Modulus of elasticity of concrete is 210kN/mm2 and the tensile strength of 
concrete is taken as 1N/mm2. Further detail on the material models are reported in Appendix 
5. The steel deck was removed after concrete was cast, to study the ribbed slab response 
under large deflection. Slabs with two boundary conditions, four edges simply supported 
against vertical displacement and four edges fully fixed against rotation and displacements, 
were tested. The plan view and sectional view of the slab are shown in Figure 3.14. Test 
result from Bailey et al. (2000) and FEM result from Elghazouli and Izzuddin (2004), using 
the composite floor slab element developed by Izzuddin et al. (2004) are compared with the 
result obtained from the simplified numerical model as shown in Figures 3.15 and 3.16. Load 
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is slowly applied by means of smooth amplitude function to ensure a quasi-static loading 
(100-seconds and 500-seconds are used in this verification study) using ABAQUS explicit 
(numerical results are observed to be similar for mesh sizes of 100, 150mm and 250mm). The 
computational time depends on the quasi-static loading time and the time required is from 2-
to-10 hours (the computational time is about 10 hours due to quasi-static loading over 100-
seconds). 
 








(a) Four edges simply supported slab   (b) Fully restrained slab         (c) Cross section of slab 
Figure 3.14: Plan and cross-section view of the ribbed slab (Elghazouli and Izzuddin (2004)) 
 
Figure 3.15: Load-maximum deflection relation for vertically supported slab 
Figure 3.15 shows the ribbed slab response under large deflection for slab edges simply 
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mentioned simplifications (refer to Chapter 3). Initial stiffness and maximum resistance of 
slab up to deflection of 25mm is reasonably well predicted the ribbed slab response. Catenary 
action can be observed beyond the deflection about 50mm. Even though there is a deviation 
with the literature, overall the ribbed slab response was predicted reasonably well. The 
deviations among the ribbed slab Elghazouli and Izzuddin (2004) result and the present 
analysis have occurred due to simplification in the proposed slab model and usage of 
simplified concrete material model (concrete damaged plasticity model is adopted using 
EC2), where the concrete model does not consider the shear contribution of concrete in its 
resistance. Therefore the shear contribution of concrete is avoided and only the stress-strain 
relationship for compression and tension are defined for concrete using the concrete damage 
plasticity model in ABAQUS. The given material model in Elghazouli and Izzuddin (2004) is 
difficult to define in ABAQUS. The equivalent deck area adopted in the proposed slab model 
under-predicts the catenary force at large deflection, due to reduced overall slab thickness 
compared to the real specimen (in addition to the concrete model used in this analysis).   
 
Figure 3.16: Load-maximum deflection relation for fully restrained slab 
Figure 3.16 shows the ribbed slab response under large deflection for a fully restrained slab 











0 50 100 150 200 250 300 350 400
Uniform slab model by Elghazouli and Izzuddin (2004)
Ripped slab model by Elghazouli and Izzuddin (2004)


















Pres nt simplified FEM
ibbed slab odel by lghazouli and Izzuddin (2004)




slab has reasonably predicted compared to the Elghazouli and Izzuddin (2004) FEM result. 
The simplified numerical analysis over- predicts the maximum resistance by 10%, due to the 
simplification in the proposed slab model. As shown in Figure 3.2, the proposed simplified 
slab concrete thickness is overestimated by half of the profile depth in the transverse direction 
of the profile ribs. This overestimated concrete thickness over-predicts the composite slab 
resistance of the fully restrained slab because the floor load is transferred here in both short 
span and long span directions. Generally, flange concrete (continuous/top part of the ribbed 
slab concrete) is effective in carrying the load in a transverse direction to profile rib. The 
overestimation of composite slab resistance using the proposed slab model will not 
significantly affect the result in a real scenario because a one-way load transfer mechanism is 
typically observed in a metal-deck composite floor slab. However, overall behaviours 
reasonably agree with the Bailey et al. (2000)’s test and Elghazouli and Izzuddin (2004)’s 
numerical results. The proposed slab model is accurate enough in predicting the composite 
slab behaviour with less computational effort.  
3.3.5  Web-cleat connection response under flexural load 
Web-cleat connection investigated by Sadek et al. (2008) is used to study the web-cleat 
response under flexural load. Two 6.1m span beams were connected with a column by web-
cleat connection as shown in Figure 3.18b. The web-cleat connection details are shown in 
Figure 3.17. The column is pushed downward under displacement control until failure of the 
joint. Both beam ends are assigned with pin boundary conditions. An ASTM A992 (fy = 
344.8MPa) structural steel was used for the column and beam. The beam size was W16x26 
and column size was W14x74. An ASTM A325 high strength bolt and ASTM A36 9.5mm 
thick web-cleat were used for web-cleat connection. Steel beam and column material are 
modelled using the elastic-plastic bi-linear material model with 0.5% strain hardening with 
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the steel yield strength equal to fy = 344.8MPa.  The fracture strain of steel beam and column 
is taken at 0.27 plastic strain. Further detail on the material models and joint details are 
reported in Appendix 5. The proposed joint model is adopted for column-to-beam joint. A 
‘slot-rotation’ type connector is assigned between the column and beam intersection to 
represent the joint in ABAQUS. Joint axial force-displacement and moment-rotation 
relationships are required to be assigned for the connector element as mentioned in the 
proposed simplified joint model (in Chapter 3). These relationships can be obtained 
analytically using Eurocodes, or experimentally. A wide range of experimental and analytical 
data bases are currently available for different kinds of joints. The building frame response 
shall be obtained precisely depending on the accuracy of semi-rigid joint axial force-
displacement and moment-rotation relationships. A bi-linear/tri-linear moment-rotation 
relationship can be obtained analytically using Eurocodes and the literature. In this 
verification study, a bi-linear moment-rotation relationship is defined using test data; this test 
was  done by Sarraj et al. (2007) to predict the joint load-displacement response precisely. 
The bi-linear moment-rotation response is [(0, 0); (17.9kNm, 0.004rad)] and the axial force-
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Eurocodes are used to define the axial force-displacement relationship of the web-cleat 
connection. Non-linear static analysis is performed using ABAQUS. Mesh sizes of 25, 50 
and100mm are adopted in this numerical study and the computational time for the above is 
about 2-minutes. It is also found that mesh size does not affect the web-cleat response under 
flexural load. FEM results from Sadek et al. (2008) are compared with the results obtained 
from the simplified numerical model as shown in Figure 3.18a. The vertical load-centre 
column displacement behaviour of the web-cleat beam-to-column connection is agreed well 
with those of Sadek et al. (2008). The proposed joint model predicts the initial stiffness, 
maximum resistance, failure point (displacement) and the load-displacement response of 
semi-rigid joints precisely. The proposed joint model avoids detailed finite element modelling 
of joint components and improves computational efficiency. The proposed joint model is 
different from the one in Sadek et al. (2008) and it is accurate enough in predicting the joint 
response with less computational effort. 
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3.3.6  End-plate connection response under flexural load 
The composite end-plate connection tested by Gizejowski et al. (2010) is used to study the 
steel and composite semi-rigid joint behaviours under flexural load. Beam-to-column flush 
and extended end-plate steel and composite connection behaviours are investigated here. 
Typical flush end-plate connection details are shown in Figure 3.19 and Table 3.6.  In this 
verification study, non-linear moment-rotation relationship is defined using Gizejowski et al. 
(2010)’s test result to predict the joint load-displacement response precisely. A ‘join + 
rotation’ type connector element using ABAQUS is defined between column and beam joint 
to represent the column-to-beam joint with the assumption that the joint will not deform 
axially. This assumption is only valid for small deflection/rotational deformation of joints. 
Non-linear static analysis is performed for steel joints. The material models and joint details 
are reported in Appendix 5. Test and FEM results from Gizejowski et al. (2010) are 
compared with the results obtained from the simplified numerical model. The load-
displacement relationships for steel joint specimens (ES1, ES2 and ES4) and composite joint 
specimens (EZ1, EZ2 and EZ3) are shown in Figures 3.20 to 3.25. Load-displacement 
response of steel joints is agreed well with the test result. Initial rotational stiffness and 
maximum resistance of all joints are good predictions of the test result. Mesh sizes of 25mm 
and 50mm provide the same joint response, and the computational time for steel joints is 
about 30 minutes.  






Steel joint, ES1 Flush 10 - 
Steel joint, ES2 Extended 10 - 
Steel joint, ES4 Flush 12 - 
Composite joint, EZ1 Flush 10 6T8 
Composite joint, EZ2 Extended 10 6T8 
Composite joint, EZ3 Extended 8 6T8 








Figure 3.19: Schematic view of flush end-plate connection (Gizejowski et al. (2010)) 
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Figure 3.21: Load-displacement behaviour of steel joint ES2 
 
Figure 3.22: Load-displacement behaviour of steel joint ES4 
Analysis results clearly show that the proposed joint model is capable of predicting the initial 
rotational stiffness, maximum resistance and the load-displacement response accurately. For 
the composite joint, non-linear static and non-linear dynamic analyses are performed, since 
ABAQUS is sensitive to concrete damage/cracking and it causes to abort (convergence 
problem occur). The numerical results remain the same for both mesh sizes 25mm and 
50mm. Load is slowly applied by means of a smooth amplitude function to ensure a quasi-
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the reasonable loading rate is chosen. Dynamic fluctuation in the load-displacement curve is 
still observed in the numerical results. However, numerical results agree reasonably well with 
the test results. The present simplified numerical analysis predicts the composite joint initial 
rotational stiffness reasonably well, compared to the test result. The maximum resistance of 
the joint also predicts the test result reasonably well. Present numerical analysis results using 
the simplified numerical model provide more accurate results than the Gizejowski et al. 
(2010) FEM results. The computational time of composite joints is varied from two hours to 
eight hours, depending on the quasi-static loading time (e.g. the computational time is about 
two hours for one second loading time and eight hours for five seconds loading time but both 
the results are about the same). The proposed simplified joint model can be easily 
incorporated into the building frame model and improves the computational efficiency. The 
proposed joint model is accurate enough in predicting the composite joint behaviour with less 
computational effort. 
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Figure 3.24: Load-displacement behaviour of composite joint EZ2 
Figure 3.25: Load-displacement behaviour of composite joint EZ3 
3.3.7  Steel-concrete composite frame behaviour under flexural load 
A two-storey frame experimental study by  Wang and Li (2007) is referred for the numerical 
study of steel-concrete composite semi-rigid joint frame behaviours under flexural load. A 
beam-to-column joint consists of a flush end-plate welded to the beam end and bolted to the 
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Figure 3.26: General details of investigated frame (Wang and Li (2007)) 
      
(a)                                                                        (b) 
Figure 3.27: (a) Frame A details (b) frame B details (Wang and Li (2007)) 
       
           (a)                                                            (b) 
Figure 3.28: (a) Cross section of composite beam (b) flush end-plate connection (Wang and 
Li (2007)) 
Beam-1 Beam-2 Beam-3 
65 
 
Two concentrated loads were applied at all the beams at level-1. All beams were loaded 
together incrementally until failure. The following member sizes are used: steel columns = 
HW250x250x9x14; steel beams BB1 to BB4 = HW200x100x5.5x8; steel beams 1 to 4 = 
HW300x150x6.5x9; and beams 5 to 8 = HW200x100x5.5x8. The deck and rebar yield 
strength and tensile strength are equal to fy = 377.5MPa and fu = 591MPa. The fracture strain 
of deck and rebar is taken at 0.29 plastic strain. Young’s modulus of deck and rebar are equal 
to 210kN/mm2 and 195kN/mm2, respectively. Concrete material is modelled using the 
concrete damage plasticity model in ABAQUS with the compressive strength of 18.5N/mm2 
and tensile strength of 1.4N/mm2. The steel column yield strength and tensile strength are 
equal to fy = 295.5MPa and fu = 460.4 N/mm2. The fracture strain of the column is taken at 
0.31 plastic strain. The bi-linear elastic plastic model is defined for the steel beam with the 
yield strength of 304.5 N/mm2. Young’s modulus of steel beam and column is about 
210kN/mm2. A ‘join + rotation’ type connector is assigned for the joint with the assumption 
that the end-plate joint does not fail due to axial force and bi-linear moment rotational 
relationship is defined for the semi-rigid joint (i.e. (110kNm, 0.0007), (110kNm, 0.0035)). 
Further details on the material models and joint details are reported in Appendix 5. 
 
Mesh sizes of 50mm and 150mm provide the same load-deflection response of beam and the 
computational time is about 2-hours for 1-second loading time. The test result from Wang 
and Li (2007) is compared with the results obtained from the simplified numerical model as 
shown in Figures 3.29 to 3.31. Among them, the load-deflection responses of the building 
without material damage model (material damage criteria are not defined) are shown in 
Figures 3.29 and 3.30 for Beam-2 and Beam-3 respectively. Material damage models 
(damage criteria) are not reported in Wang and Li (2007). Therefore material damage models 
are approximately defined for each composite frame component. The load-deflection 
66 
 
response of Beam-1 with the material damage model is shown in Figure 3.31. ABAQUS 
explicit dynamic analysis is used here to predict the composite frame response.  Load is 
slowly applied by means of a smooth amplitude function to ensure a quasi-static loading 
using a dynamic explicit procedure. Different loading rates have tried and the reasonable 
loading rate is chosen. Dynamic fluctuation in the load-deflection curve is still observed in 
the numerical results. However, numerical results agree reasonably well with test results. The 
proposed simplified composite joint model and composite slab models are adopted in this 
simplified numerical model. Semi-rigid end-plate connection composite frame response has 
reasonably predicted the test results. Numerical results are also compared with the UFC-DoD 
(Department of Defence-2009) and GSA (General Services Administration-2003) guideline’s 
acceptance criteria. 
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Figure 3.30: Load- deflection behaviour of Beam-3 
Maximum rotational limit for non-linear analysis is given in both the abovementioned 
guidelines. Maximum allowable deflection limit is calculated using the given allowable 
rotational limit and then compared with the numerical analysis results. The DoD acceptance 
limit for non-linear analysis for a partially restrained moment connection is 22.1 mm and 
GSA acceptance limit for non-linear analysis for a partially restrained connection is 25.5 mm. 
Local buckling of the steel section is avoided in the simplified numerical model. For the 
numerical analysis without material damage model (if damaged plasticity model is not 
defined), strains are monitored with the time and it is found that plastic strain of concrete 
exceeds the limit of 0.0031 for Beam-1 deflection of 33.3mm, which is reasonably predicting 
the GSA/DoD limit. Load will be further redistributed depending on the ductility of joint, 
steel and concrete and then failure displacement will be higher than 33.3mm. Predicted 
results using a simplified numerical model predicted the responses of Beam-2 and Beam-3 
reasonably well, compared to the test results. If the material failure criteria of each element of 
a composite frame are known, the material damage model can be defined in ABAQUS to 
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In this study, both with, and without material damage model cases are investigated. In 
addition to the end-plate semi-rigid joint composite frame response, parametric study for pin 
and fix jointed skeleton frame (frame without floor slab) and frame with composite slab 
response also investigated to study the joint and slab contribution on building frame response. 
Analysis results conclude that, conventional simplifications such as skeleton frame or 
extreme cases of joint simplifications (pin, rigid) do not predict the real frame behaviour well. 
It also shows that the use of semi-rigid joints in a composite frame enhances the building 
frame load carrying resistance compared to pin-joint building frame load carrying resistance. 
The building frame without floor slab under-predicts the frame response and also the frame 
without floor slab becomes susceptible to buckling. The floor slab generally increases the 
load carrying resistance of frame resistance by 50%, compared to the resistance of a frame 
without slab. Therefore, floor slab and joints are vital structural elements and they enhance 
the building frame response (e.g. resistance) significantly. The proposed simplified slab and 
joint model can be easily incorporated in the building frame model and will improve the 
computational efficiency. 
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3.3.8  Composite plate girder behaviour under combined shear and bending  
Baskar and Shanmugam (2003) studied a steel-concrete composite plate girder response 
under combined shear and flexural loading. Details of test specimens are given in Tables 3.7 
and 3.8. Mild steel plates (grade 43) were used to form plate girders and pairs of 19mm dia,  
and 100mm long headed shear studs at an interval of 155mm centre-to-centre were welded 
for the bond between reinforced concrete uniform slab and the steel girder. Two layers of 
welded mesh (10mm diameter bars spaced at 150mm c/c in orthogonal directions) were used 
along the entire length of the concrete slab in all specimens. Normal weight concrete was 
used for the deck slab in all girders. Young’s modulus and yield stress of steel are 200GPa 
and 275MPa respectively.  
 
Concrete material is modelled using the concrete damage plasticity model in ABAQUS with 
the material properties as shown in Table 3.8. Plate girder’s details can be found in 
Shanmugam and Baskar (2003). Further details on the material models are reported in 
Appendix 5.  S4R shell elements are used for the slab and steel girders as mentioned in 
Chapter 3. Quasi-static analysis by ABAQUS explicit is used to simulate the static loading. 
Mesh size of 20mm is used in the 3D finite element model and the loading time (i.e. step 
time) of 5-seconds adapted. Computational time is about 1.5 days for the 3D finite element 
analysis. However, the computational time shall be reduced by (reducing) the loading time by 
ensuring the quasi-static loading. A simplified numerical model could not be used here since 
it could not predict the shear buckling of the beam. Failure criteria of the composite plate 
girder are mostly governed by buckling of the plate girder rather than bending. Thus, the 3D 
finite element model is only used here to predict the plate girder response under shear and 
bending. A simplified finite element model shall only be used where the buckling of the beam 
does not affect its resistance (e.g. bending resistance). This is generally true for composite 
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beams with at least a Class-3 steel beam section. Graphical views of girders at failure are 
shown in Figures 3.32 and 3.33. Test and FEM results from Shanmugam and Baskar (2003) 
are compared with the results obtained from the 3D FEM analysis as shown in Figures 3.34 








Type of loading 
CPG 8 235 x 20 750 x 5 1200 x 150 shear with +ve bending 
CPG 10 235 x 20 750 x 5 1200 x 150 shear with -ve bending 
Table 3.7: Details of test specimens (Shanmugam and Baskar (2003)) 
Girder Concrete Young 
modulus (GPa) 
Concrete cube strength 
(MPa) 
Concrete split tensile 
strength (MPa) 
CPG 8 19.58 41.9 2.7 
CPG 10 21.65 47.9 2.91 
Table 3.8: Properties of concrete (Shanmugam and Baskar (2003)) 
 
 
                                                                         (a) 
 






                                                  (c) 
Figure 3.32: (a) View at failure of girder CPG (a) test (Baskar and Shanmugam (2003)) (b) 
numerical model and mesh in ABAQUS (c) view at failure of girder CPG 8 in ABAQUS  
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Figure 3.34: Load – mid span deflection of girder CPG 8 
 
Figure 3.35: Load – mid span deflection of girder CPG 10 
Predicted initial stiffness of both specimens CPG 8 (positive bending) and CPG 10 (negative 
bending) are reasonably agreed with the test result. Maximum resistance of both specimens 
also well agreed with test results. The present analysis numerical model consists of a 3D steel 
plate girder modelled using shell elements and the proposed simplified composite slab model. 
Overall, the present analysis predicts the initial stiffness, maximum load carrying resistance 
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Simplified numerical analysis results are not shown here (which consist of the simplified slab 
model and linear beam element (B21) for a girder without modelling girder stiffeners), since 
it does not predict the buckling of the plate girder. Stiffeners are generally key elements of 
the plate girders. Therefore stiffeners should be incorporated in the numerical model since the 
plate girder is sensitive to the buckling. Overall, plate girder behaviour is predicted 
reasonably well compared to the test results and thus, a S4R shell element shall be adequate 
to capture the failure of the girder and slab. The simplified beam element model could not 
capture the failure of plate girders accurately. Tie constraint is used here to tie the slab nodes 
and beam nodes at shear stud location and thus the flexibility of stud and partial composite 
action are not taken into consideration in the present analysis. As a result, initial stiffness and 
maximum resistance are slightly over predicted. Shear stud behaviour shall be captured by 
modelling the studs using wire elements and the embedded function in ABAQUS for full 
composite action in the plate girder. Studs can be embedded into the concrete and friction 
between the studs and concrete can also be assigned. Generally, friction between concrete 
and studs should be varying from 0.2 to 0.3. Computational cost by modelling the studs is 
higher than the adopted numerical model in this present study. 
3.3.9  Single storey simple frame response under concentrated load 
Response of composite frame subjected to centre column loss was investigated by Sadek et 
al. (2008). Part of the frame (C-E/3-5) behaviour was investigated with the column, D/4 loss. 
Plan view and joint details of composite frame are shown in Figure 3.36. Three-bolted fin 
plate connections were used for beam-to-column and beam-to-beam joints. Sadek et al. 
(2008) performed a pushdown numerical investigation on a 3D composite floor model to 
investigate the simple composite frame static response under centre column loss. The 
unsupported centre column is statically pushed down under displacement control until the 
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system collapses. Composite frame details, joint details and material properties are reported 
in Section 3.3.5, Chapters 7, 8 and Appendix 5. 
                                         
Figure 3.36: Plan view and connection details of composite frame (Sadek et al. (2008)) 
 
Figure 3.37: Load – mid span deflection of the composite frame 
The steel beam and column material are modelled using the elastic-plastic bi-linear material 
model with 0.5% strain hardening with the steel yield strength equal to fy = 344.8MPa.  The 
fracture strain of steel beam and column is taken at 0.27 plastic strain. The fracture strain of 
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steel are E = 210GPa and v = 0.3. Elastic-plastic bi-linear material model with the yield 
strength equal to fy = 248MPa is used for the deck, and the yield strength equal to fy = 
650MPa is used for rebar. Axial force-displacement and moment-rotation relationship of steel 
joint is reported in Section 3.3.5. Step time/loading time of 1-second is used to simulate the 
loading on frame using displacement control in ABAQUS. Non-linear static analysis is used 
to predict the skeleton steel frame (frame without slab) response with the mesh size of 
200mm. It is also found that mesh size does not affect the result and the computational time is 
about 2-minutes. 
 
Concrete material is modelled using the concrete damage plasticity model in ABAQUS with 
tensile strength, ft = 0.1N/mm2and compressive strength, fc = 16.5N/mm2. Young’s modulus 
and Poisson’s ratio of concrete are E = 28GPa and v = 0.2. Step time/loading time of one 
second is used to simulate the loading on the frame using displacement control in ABAQUS. 
Non-linear dynamic analysis is used to predict the steel frame with the floor slab response 
with the mesh size of 300mm. The computational time is about six hours. Sadek et al. 
(2008)’s FEM results are compared with the results obtained from the simplified numerical 
model as shown in Figure 3.37. The simplified numerical model combines both the proposed 
composite slab model and composite joint model.  The simplified composite frame predicts 
initial stiffness and maximum resistance with reasonably good agreement compared to the 
Sadek et al. (2008) FEM results. However, numerical analysis for the frame with slab model 
aborts (convergence problem occurred) at frame deflection of 600mm, since ABAQUS is 
sensitive to concrete damage/concrete cracking. Overall, load-deflection response of 
composite frame is predicted reasonably well. In case of the skeleton frame model (frame 
without slab) under laterally restrained condition, the load-deflection response is predicted till 
the frame collapses. Even though skeleton frame result shows few deviations with Sadek et 
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al. (2008) result, initial stiffness, maximum resistance and load-deflection response are in 
reasonable agreement with Sadek et al. (2008). Overall building frame responses including 
initial stiffness and maximum resistance for both frame (with and without slab model) are 
predicted reasonably well with less computational effort, compared to the Sadek et al. (2008) 
FEM results. The analysis results conclude that conventional simplifications such as skeleton 
frame do not predict the real frame behaviour well, compared to the frame with floor slab. 
Floor slab enhances the building frame response significantly. The proposed simplified slab 
and joint model can be easily incorporated in the building frame model to improve the 
computational efficiency. Local buckling of member (beam and column) is not considered in 
this simplified numerical model. It will be avoided by choosing the steel section within class-
3. Using this validation study on single storey fin plate joint composite frame response, a ten-
storey frame is built (with repeating bays and floor levels) for progressive collapse analysis 
under single column loss and advanced analysis under few columns’ loss. This is reported in 
Chapter 7 and Chapter 8.  
3.4 Summary 
A semi-rigid joint model based on a Eurocode 3-1-8 component model using non-linear 
connector and a simplified composite slab model have been proposed to analyse a 3D 
composite frame. The non-linear connector behaviour can be represented by axial force-
displacement relationship and moment-rotation relationship. The proposed joint model will 
avoid detailed finite element modelling of joint components and leads to overall improvement 
in the computational efficiency of analysing large building frames. The incorporation of a 
semi-rigid joint model in 3D frame analysis tends to produce a more realistic estimate of 




The proposed composite slab model avoids detailed geometric modelling of metal deck 
profile and improves the computational time for analysing large building frames. Inclusion of 
the simplified slab model in the analysis of a composite building frame is relatively simple. It 
predicts the building frame responses reasonably well compared to the skeleton frame model. 
The slab reduces the beam deflection as much as 50% compared to the skeleton frame. 
Therefore, the presence of a slab contributes favourably to enhance the building response.  
 
Elemental models as well as small scale composite frame models are verified with the 
established test and FEM results in this chapter. The proposed composite joint model and 
composite slab model are accurate enough in predicting the composite frame behaviour with 
less computational effort. Using these validation studies on a small scale frame, a large scale 
frame is built with repeating bays and floor levels for progressive collapse analysis on a 





COMPONENT MODELS FOR STEEL AND COMPOSITE JOINTS  
4.1  Background 
This chapter provides the details to calculate the joint response (moment-rotation, axial force-
displacement) using a Eurocode component method. These responses are required for the 
proposed joint model, which is reported in Chapter 3 for the frame analysis. Thereafter, a 
novel modified fin-plate connection is proposed for future use.   
 
An accurate prediction of internal force distribution in a frame structure requires the detailed 
modelling of individual structural components, including the joint properties (e.g. joint 
stiffness). Eurocodes 3 and 4 provide the guidance to calculate the steel and composite joint 
response analytically, using the component method.  The advantage of a component approach 
is that it can be applied to many kind of joints by decomposing the joint into relevant 
components. A simplified composite joint model is reported in Chapter 3, which is proposed 
for the 3D building numerical analysis to improve the computational efficiency. The 
proposed simplified joint model avoids detailed finite element modelling of components and 
leads to overall improvement in the computational efficiency of analysing large building 
frames. A composite joint in a building frame is represented by a connector element in 
ABAQUS and the connector element behaviour is defined using axial force-displacement and 
moment-rotational relationships. These relationships can be established using EC3-Part 1-8 
(CEN1993-1-8 (2005)) and EC4-Part 1-1(CEN1994-1-1 (2004)). However, the details 
available in Eurocodes are insufficient to predict a wide range of composite joint response. 
For example, the fin plate connection response could not be predicted using Eurocodes due to 
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insufficient details available in Eurocodes. The fin plate connection is widely used in simple 
braced steel and steel-concrete composite building frames and thus, a component model for 
the fin plate connection is proposed and verified against the established test results. Then, a 
modified fin plate connection is proposed by improving the conventional fin plate response. 
The moment-rotational characteristic of a joint can be represented by three properties, namely 
initial rotational stiffness, maximum moment resistance and rotational capacity. Composite 
joints may be subjected to a solely negative moment or a positive moment, or both positive 
and negative moments, depending on the nature of their frame and the type of loading. Thus, 
this chapter also describes the Eurocode component modelling approach and past research 
findings on component models to predict joint response under external load. Finally, 
verification studies are reported by comparing the predicted analytical results using a 
component method with the established test and FEM results. 
4.2 Proposed component model for fin plate (shear tab) connection 
Analytical and experimental investigation of end-plate connection responses are sufficiently 
available, but limited experimental or analytical results are available for shear tab (fin) 
connections (Anderson and Najafi (1994), Dasison et al. (1987), Liew et al. (2004), Hu et al. 
(2009, Romero (2010)). Moment-rotation behaviour of the fin plate connection is more 
complicated than the flush end-plate connection because the fin plate connection centre of 
compression is moving with the rotation. For example, the centre of compression moves-
down from the centre of the bolt group to the beam bottom flange in a steel fin plate 
connection under hogging (negative bending) moment. Eurocodes provide sufficient details 
to calculate the end-plate connection response, but insufficient details are available to 
calculate the fin plate connection response. That means the joint component’s stiffness and 
maximum resistance of the fin connection could not be calculated using Eurocodes. 
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Therefore, a component model for fin plate connection is proposed here as shown in Figure 
4.2a. A typical four-bolt fin plate composite connection is shown in Figure 4.1b. Figures 4.1a 
and 4.2 show the force-displacement response of the axial spring and proposed fin plate 
connection component model respectively. Fu is the maximum force of each spring and Sj,ini 
is the initial rotational stiffness. Series springs in the proposed component model are concrete 
in tension (ct) or concrete in compression (cc), bolt in shear (bs), fin plate in bearing (fb) and 
beam web in bearing (bwb). For the hogging moment (i.e. concrete in tension), tensile 
resistance of reinforcement and its stiffness is the 1st spring row, while in the case of a 
sagging moment (i.e. concrete in compression), concrete compressive force and its stiffness is 
the 1st spring row. A row 6 spring will not be modelled for the sagging moment scenario. For 
the hogging moment, this spring is used to represent the gap element. Where, kslab = stiffness 
of slab (kslab is used in case of slab in compression, krebar is used in case of slab in tension. 
krebar = sum of deck contribution and rebar contribution); kfin = bearing stiffness of fin plate; 
kbolt = shear stiffness of bolt; kweb = bearing stiffness of beam web; kflange = represents the gap; 
keff = effective stiffness of series spring of a row.  
           
   
 
                                                      
             
                                
        
 
 
(a)              (b) 











In the ABAQUS numerical model, two rigid bars (representing beam and column) are 
connected with axial springs (also known as connectors) as shown in Figure 4.3. The weakest 
component force in a row and effective spring stiffness are conveniently calculated for the 
numerical analysis, instead of modelling all the spring in series. One rigid bar (represents the 
column) is fixed against displacement and rotation and other rigid bar (represents the beam) 
is vertically supported (rotation and horizontal displacement allowed). By applying external 
load (force F, moment M) on a roller supported rigid bar, the force-displacement (F-d) and 
moment-rotation (M-θ) relationships of a composite joint could be obtained. Sadek et al. 
(2008) and FEMA-355D (2000) approaches are used to calculate the rotational capacity 
(θt,max) and spring deformation limits (∆u,i) for fin plate connection. 
 
, = 0.17 − 0.00014 (4.1) 
 
∆,= , (4.2) 
where, dbg = depth (vertical) of bolt group; smax = distance from the centre of bolt group to the 
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Figure 4.3: Spring model of fin plate connection in ABAQUS 
4.3 Proposed modified fin plate connection 
As highlighted above, the unavoidable construction gap in fin plate connection weakens the 
moment-rotational behaviour and leads to higher beam/frame deflection compared to the end-
plate connection. As shown in Figure 4.4, the fin plate connection response can be improved 
by providing an additional plate connecting the bottom beam flange to the column. The 
additional plate is welded to the beam flange and it is not welded to the column. This will 
eliminate the gap between the bottom beam flange and the column, which will increase the 
initial rotational stiffness and maximum moment resistance more than the fin plate 
connection. Provision of an additional bottom plate improves the moment-rotation behaviour 
under hogging moment (negative bending) because the centre of compression (i.e. beam 
bottom flange or additional plate) is in contact with the column flange at an initial stage of 
rotation. The composite slab will be the centre of compression under the sagging bending 

































                                                          
 
         (a)        (b) 
Figure 4.4: (a) Fin plate connection   b) proposed modified fin plate connection for ductile 
connection 
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(c) Moment- rotation relationship of fin plate and modified fin plate connection 
Figure 4.5: Fin plate and modified fin plate connection details and moment-rotation response 
The proposed modified fin plate connection axial force-displacement behaviour and sagging 
moment resistance are not affected, if the additional plate at beam bottom flange is not 
connected with the column. However, the additional plate could be welded with the column 
easily to improve the axial tension and shear resistance of the joint. The proposed modified 
fin plate connection hogging moment resistance and the rotational stiffness of hogging 
moment are increased significantly, since the centre of rotation for the hogging moment 
moves down to the beam bottom flange. Therefore, the proposed modified fin plate 
connection for column-to-beam joints improves the joint rotational stiffness and joint 
moment resistance, compared to the conventional fin plate connection. This modified fin 
plate connection can be used for both new building and retrofitting purposes to improve the 
joint response. The three-bolt fin plate connection was investigated by Bzdawka and 
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Modified fin plate connection
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moment-rotation responses are compared with the results from Bzdawka and Heinisuo (2010) 
as shown in Figure 4.5c. Analysis results show that the modified fin plate connection’s initial 
rotational stiffness and joint moment resistance increase significantly compared to the 
conventional fin plate connection. However the ductility of the proposed connection needs to 
be further investigated. Ductility of the proposed modified fin plate connection shall be 
increased with the welding of the fin plate with the beam web and thus, web tearing could be 
avoided. As a result, ductility of the modified fin plate connection is governed by the ductility 
of the connected column. This modified fin plate connection should be used for column-to-
beam joints to enhance the progressive collapse resistance of a steel-concrete composite 
building frame, as discussed in Chapter 8. 
4.4 Component modelling of a composite joint using Eurocodes 
The Eurocode component model analytical approach and past research findings to calculate 
the joint stiffness, maximum resistance and rotational capacity, is briefly described in 
Appendix 3.  
4.5  Verification study of component modelling approach 
Tri-linear moment-rotation behaviour is considered in the verification study for end-plate and 
top-and-seat-and-web angle connections, as shown in Figure 4.6. Initial rotational stiffness 
(Sj,ini) was used as the basis to develop tri-linear moment-rotation behaviour by Anderson and 
Brown (2001). Bi-linear moment-rotation response is derived for the fin-plate and modified 
fin plate connections using the Eurocodes component model, as shown in Figure 4.7. For the 
verification study of single shear tab joints, ABAQUS is used to predict the multi-segment 
moment-rotation relationship. The joint component’s resistance and stiffness are firstly 
calculated using the Eurocodes component model and then effective stiffness and effective 
resistance are calculated for each row. The effective resistance and effective stiffness are 
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represented by an axial spring in a two-rigid bar model to get the moment-rotation and axial 
force-displacement responses using ABAQUS. By applying external load on a rigid bar 
(force F, moment M), force-displacement (F-d) and moment-rotation (M-θ) relationships of a 
composite joint could be obtained. The two-rigid bar model is further discussed in Section 4.2 


























Figure 4.7: Bi-linear moment-rotation response of fin-plate connection 
4.5.1  End-plate connection under flexural load 
Liew et al. (2000)’s steel-concrete composite end-plate connection experimental study is 
investigated using the component modelling approach. Among the wide range of test 
specimens, three specimens with downward applied loading and one specimen with upward 
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applied loading are chosen for the investigation, using EC3-1-8(2005) and EC4-1-1(2004). 
Test setup and specimen details are shown in Figures 4.8 and Table 4.1. Material properties 
are reported in Appendix 5 and test details can be found in Heong (2003)’s thesis . A 12mm 
thick flush end-plate was used with two rows of 2-M20 (8.8) bolts for end-plate connection. 
A 120mm deep normal weight concrete solid slab was cast for the composite actions, with a 
various number of shear connectors. Beam size was 305x165x54 UB for all four specimens 
and column size was 203x203x46 UC for specimens SCCB1 to SCCB4 and 305x305x97 UC 
for specimen CJ1. Predicted analytical results using EC3-1-8 (2005) and EC4-1-1 (2004) are 











      
 
Figure 4.8: Schematic view of test setup (Liew et al. (2000)) 
Specimen Column web stiffening Slab rebar Shear studs Load application  
SCCB1 column web doubler plate 8T12 240c/c one row downward 
SCCB2 column web doubler plate 10T16 240c/c two row downward 
SCCB4 Nil 10T16 240c/c two row downward  
CJ1 Nil 10T16 240c/c two row upward  












                      Figure 4.9: Moment- rotational behaviour of specimen SCCB1 
             
Figure 4.10: Moment- rotational behaviour of specimen SCCB2 
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Tri-linear moment-rotational behaviour is adopted using Anderson (2001)’s approach for the 
end-plate connection, because the Eurocodes provide the details to predict the bi-linear 
moment-rotation response.  Comparison results show that maximum moment resistance 
predicted using the Eurocodes is generally on the conservative side, compared to the test 
result. The predicted initial rotational stiffness is reasonably agreed, compared to the 
reference analytical result. The current Eurocodes seem more conservative than the previous 
Eurocodes version, which was used by Liew et al. (2000) for the analytical study. The 
column web doubler plate (column web stiffened) is provided for the specimens SCCB1 and 
SCCB2 and thus both the specimens are not vulnerable to column web buckling. The 
Eurocodes component method predicts reasonably well the test results for both specimens, 
where both of them are not vulnerable to buckling. On the other hand, specimens SCCB4 and 
CJ1 are vulnerable to web buckling, since the column web was not stiffened.  
 
The load is applied downward for specimen SCCB4 and it induces compression at the bottom 
bolt row. An additional web-plate is not provided for specimen SCCB4 and thus the column 
web is vulnerable to web buckling (this is the only the difference from SCCB2). Compressive 
resistance of the column web is lesser compared to the tensile resistance of the slab (i.e. 
rebar) and thus the column web in transverse compression is observed as the failure mode. 
This failure mode is under predicted by the Eurocodes component model compared to the test 
result. Liew et al. (2004) reported that web-buckling was observed for specimen SCCB4. The 
load is applied upward for specimen CJ1 and it induces tension at bottom the bolt rows. 
Yielding of the column flange is governed by the resistance of the joint. The Eurocodes 




             
Figure 4.12: Moment- rotational behaviour of specimen CJ1 
4.5.2  End-plate connection response under flexural load 
Gizejowski et al. (2010)’s steel-concrete composite end-plate connection experimental study 
is investigated using the component modelling approach. Among sixteen specimens, three 
specimens are investigated under a sagging bending moment using EC3-1-8 (2005) and EC4-
1-1 (2004). Test setup and specimen details are shown in Figure 4.13 and Table 4.2. A 
120mm deep 800mm width concrete slab was cast on a Cofraplus 60 composite flooring 
deck. Beam size was IPE 300 and column size was HEB 200. Two rows of M20 (10.9) bolts 
were used for the flush-end plate connection. All the steel elements were grade S235JR. The 
composite action was provided by 19dia x100mm shear studs. Material properties are 
reported in Appendix 5 and the test details can be found in Gizejowski et al. (2010). 
  
Specimen End-plate thickness (mm) Slab rebar Joint type 
ES1 10 Nil Steel 
ES4 12 Nil Steel 
EZ1 10 6T8 Composite 
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Figure 4.13: Cross-sectional view of composite beam (Gizejowski et al. (2010)) 
 
 Figure 4.14: Moment- rotational behaviour of specimens ES1 and ES4  
Test results from Gizejowski et al. (2010) are compared with the results predicted from the 
component modelling approach as shown in Figures 4.14 and 4.15. Even though there are 
discrepancies in initial rotational stiffness and maximum moment resistance, compared to the 
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Eurocodes component method analytical approach could be easily adopted to predict the 
semi-rigid joint response for frame analysis.  
          
Figure 4.15: Moment- rotational behaviour of specimen EZ1 
4.5.3  Single plate shear connection under bending  
Astaneh-Asl et al. (2002)’s cyclic-test experimental study on steel shear connection subjected 
to hogging and sagging bending is investigated using a component model. Details of this 
specimen are shown in Figures 4.16 and 4.17 and Table 4.3. The test details can be found in 
Astaneh-Asl et al. (2002). Material properties are reported in Appendix 3. The test result 
from Astaneh-Asl et al. (2002) is compared with the result obtained from  the Eurocodes 
component model as shown in Figure 4.18. Hogging and sagging moment resistance of steel 
fin plate connection is similar and thus only the sagging moment-rotational response is shown 
in Figure 4.18. As mentioned in Chapters 3 and 4, two rigid bars are modelled in ABAQUS 
and axial springs are assigned to represent the bolt rows. Effective axial force-displacement 
of each bolt row is defined for each axial spring in ABAQUS and then analysed to obtain the 
moment-rotation response of single plate shear connection. Non-linear static analysis is 
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for the column and beam. The beam size was W18x35 and column size was W14x90. An 
ASTM A325 high strength bolt and ASTM A36 (fy = 248MPa) shear tab were used for shear 
tab connection. 
Spec 
No. Bolts Beam size Shear studs Reinforcement 
1A 4 nos. 22mm dia. W18x35 none none 
Table 4.3: Cyclic test specimen detail (Astaneh-Asl et al. (2002)) 
 
Figure 4.16: Shear tab specimen details (Astaneh-Asl et al. (2002)) 
 




           
Figure 4.17: Elevation and plan view of composite beam (Astaneh-Asl et al. (2002)) 
               
Figure 4.18: Moment-rotational behaviour of shear tab connection (steel joint- specimen 1A)      
Initial rotation stiffness of the joint is reasonably well predicted compared to the test result. 
Moment-rotational behaviour of the test result deviates with the predicted result, due to the 
bi-linear spring response as shown in Figure 4.1a, avoidance of slip between bolt and bolt 
hole, avoidance of friction between bolts and hole, consideration of effective spring stiffness 
in the component model instead of modelling all the springs in a series and consideration of 
weakest spring force instead of modelling all the springs in a series. However, overall 
behaviour is reasonably predicted compared to the test result. The proposed component 
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response, since there is insufficient guidance available in Eurocodes to predict the shear tab 
connection response.  
4.5.4  Single plate shear connection under sagging bending 
Astaneh et al. (1989)’s experimental study on a single plate shear connection, subject to 
sagging bending, is investigated using a component model. Three numbers of 3/4 inch 
diameter, with grade A325-N bolts, were used for the shear connection. Fin plate size was 
9x3/8x4-1/4 inch and edge distance was 1-1/2 inch. The bolt spacing is 3 inch. Both the fin 
plate and beam material were A36. The test result from Astaneh et al. (1989) is compared 
with the result obtained from the Eurocodes component model as shown in Figure 4.19.  
 
   
Figure 4.19: Moment-rotational behaviour of three-bolt shear tab connection 
Non-linear static analysis is performed using ABAQUS. Even though there are considerable 
deviations in initial rotation stiffness and moment-rotational relationships compared to the 
test result, the overall behaviour of the fin plate connection response is predicted reasonably 
well. The present analytical result deviates with the test result due to bi-linear spring response 
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friction between bolt and hole, consideration of effective spring stiffness and consideration of 
the weakest component force for the spring, instead of modelling all the springs in a series. 
However, overall behaviour is reasonably predicted compared to the test result. The proposed 
component model analytical approach shall be used to predict the shear tab (fin) connection 
response reasonably well, since insufficient guidance is available in Eurocodes to predict the 
shear tab connection response. Material properties are reported in Appendix 3. 
4.5.5  Top-and-seat-and-web angle connections under flexural load 
Yuan et al. (2011)’s experimental study on a steel-concrete, top-and-seat angle composite 
joint subject to positive (sagging) bending is investigated for the analytical study using a 
component model. Details of specimens are shown in Figure 4.20 and Table 4.4.Test and 
analytical results from Yuan et al. (2011) are compared with the result obtained from the 
component model as shown in Figures 4.21. Material properties are reported in Appendix 3. 
Initial rotational stiffness and maximum moment resistance predicted using the proposed 
component method are well agreed with the test result. Yuan et al. (2011) mentioned that bolt 
slips occurred two times and that caused a drop in load suddenly. Slip is not taken into 
consideration in the present analysis. The proposed component model for fin plate connection 
is accurate enough in predicting the composite joint response.  
Spec 
No. Beam Column 
Metal Slab 
(LxWxt) Top-seat angle Web angle 
C1-A1 254x146x31 UB 254x89 UC 2100x750x130 150x100x10 90x90x8 




                                                
 
Figure 4.20: Schematic views of composite beam (Yuan et al. (2011)) 
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4.6  Summary 
A Eurocodes component model could be used to analytically find out the joint response for 
frame analysis. Fin plate/shear tab connection is commonly used for column-to-beam and 
beam-to-beam joints in a simple braced frame. However, the details available in Eurocodes 
are insufficient to calculate the fin plate connection response and thus a component model for 
fin plate connection is proposed here to analytically predict the fin plate connection response. 
The proposed component model for fin plate connection is verified with the established test 
results. A simplified joint modelling approach is reported in Chapter 3 to represent the joint 
of a building frame.  The joint of a frame is represented by a connector using ABAQUS, and 
the connector behaviour is represented by axial force-displacement and moment-rotation 
relationships. These relationships could be derived using Eurocodes and the proposed 
component model. Using these component models and a joint modelling approach, the 
building frame response with semi-rigid joints can be investigated with less computational 
cost.  
 
The present study shows that fin plate connection response is weaker than other connections, 
due to an unavoidable construction gap in fin plate connection and thus a novel modified fin 
plate connection is proposed by improving the fin plate connection response effectively. The 
proposed modified fin plate connection could be used for new and retrofitting work to 
improve the joint response economically. It shall be used for column-to-beam joints to 
improve the progressive collapse resistance of a building, which is reported in Chapter 8. 
This chapter also describes the Eurocode component modelling approach and past research 
findings on a component model in predicting joint response under external load. Finally, 
verification studies are reported by comparing the predicted analytical results using the 




CONTRIBUTION OF FLOOR SLAB TO COLLAPSE RESISTANCE OF 
BUILDING  
5.1  Verification study and floor slab contribution to progressive collapse resistance 
In this chapter, floor slab contribution alone, in resisting progressive collapse is investigated. 
The floor slab is incorporated using the proposed composite slab modelling approach, as 
mentioned in Chapter 3. Both the slab and semi-rigid contribution in progressive collapse 
analysis are reported in Chapters 7 and 8.  
 
Past research has shown that floor slab and joints are essential elements of a building in 
resisting progressive collapse (Zolghadr-Jahromi et al. (2013); Izzuddin et al. (2008); Fu 
(2010)). Analysing the non-linear dynamic behaviour of a full 3D building frame normally 
requires high computational resources. Kwasniewski (2010) reported that the analysis of an 
8-storey 3D building required the use of 60 processors and took 19 days to complete.  
Alashker et al. (2011) reported that the detailed analysis of a 10-storey building required the 
use of 12 CPUs with 24 GB RAM for 2.5 days. In this study, the numerical analyses are 
performed using ABAQUS explicit solver with a desktop computer of one CPU (6-
processors) and 12 GB RAM. Computational time for the non-linear analysis was about 1.5 
days for a building frame with slabs and 5-hours for a building frame without slabs for a 
mesh size of 450 mm.  Computational time for static analysis was about 5 minutes for a mesh 




Marjanishvili and Agnew (2006) numerically investigated a nine-storey moment frame 
response under perimeter column loss using an alternate path approach. The moment frame 
responses under sudden column loss were investigated using linear static (LS), non-linear 
static (NS) linear dynamic (LD) and non-linear dynamic (ND) analyses. However, the floor 
slab and semi-rigid contribution were ignored in their analysis.  The same nine-storey 
skeleton frame is chosen to investigate the floor slab contribution alone in resisting 
progressive collapse and then the importance of an appropriate analysis type is discussed. The 
nine-storey steel skeleton moment resisting frame is firstly validated numerically against 
similar work done by Marjanishvili and Agnew (2006) using commercially available 
software ABAQUS and ETABS. The nine-storey building frame is shown in Figures 5.1 and 
5.2. Linear static (LS), linear dynamic (LD) and non-linear dynamic (ND) analyses are 
performed using General Services Administration (GSA (2003)) guidelines.  One ground 
floor primary column support is suddenly removed using an alternate path approach to 
simulate the ground floor column loss. As per GSA guidelines, ‘2 (Dead load + 0.25 Live 
load)’ is applied for static analysis and ‘(Dead load + 0.25 Live load)’ is applied for dynamic 
analysis. The building frame consists of six-bays in the longitudinal direction at 8.25m space 
and three-bays in the transverse direction at 9.75m space.  Main girders are W21x57 and 
secondary beams are W16x31. Floor-to-floor height is 4.3m. Ground to 5th floor columns are 
W14x159 and 6th floor to roof are W14x90. Live load of 1.9kPa and dead load due to the 
self-weight of 90mm thick uniform concrete slab are applied. Perimeter wall weight of 
19.7kN/m at every floor, except roof level, is applied. Yield strength and Young’s modulus of 
the steel section is 345MPa and 200GPa respectively. Structural damping of 5% is considered 
in this numerical study. Concrete material is modelled using the concrete damage plasticity 
model in ABAQUS. Concrete compressive strength and tensile strength of concrete is 
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33N/mm2 and 2.5N/mm2 respectively. Steel material is modelled using an elastic-plastic bi-
linear material model (yield strength is 345MPa). 
 
              
Figure 5.1: 3D view of nine-storey building (Marjanishvili and Agnew (2006)) 
 
 
            
 
Figure 5.2: Elevation and plan view of nine-storey building frame (Marjanishvili and Agnew 
(2006)) 
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   (c)      (d) 
Figure 5.3: FE model in ABAQUS for (a) skeleton moment frame (b) moment frame with 
slab (c) skeleton braced frame (d) braced frame with slab  
Then, using the proposed composite slab modelling approach, the floor slab is incorporated to 
investigate the floor slab contribution in collapse resistance. A skeleton frame and frame with 
slab numerical models are shown in Figure 5.3(no FE mesh is shown). All the secondary 
beams are pin-pin connected (simple connection) with main beams. External (perimeter) and 
internal main frames are moment-resistant frames. Based on the GSA progressive collapse 
analysis guideline, allowable DCR (Demand Capacity Ratio), ductility and rotation values are 
compared with the numerical results. The DCR is evaluated for linear static and linear 
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dynamic analysis to identify the damage elements. Demand is taken at the peak value of the 
calculated time history in linear dynamic analysis response. Maximum ductility and rotation 
values are evaluated for the non-linear static and non-linear dynamic analysis to identify the 
critical members. The building frame is also numerically investigated using ETABS since 
graphical output (e.g. BM-bending moment) and member utility ratio could be obtained 
easily using ETABS compared to the ABAQUS. Therefore, the FEM result from 
Marjanishvili and Agnew (2006) is tabulated with the ETABS results as shown in Table 5.1.  
 
There are some deviations observed between the predicted results and the Marjanishvili and 
Agnew (2006) FEM result due to uncertainty in the material parameters used by 
Marjanishvili and Agnew (2006). However, overall building frame response is predicted 
reasonably well. Then, (i) uniform reinforced concrete slab thickness of 90mm (RC) (ii) 
120mm thickness of floor slab on comflor60 deck (effective thickness of slab is 90mm) is 
added in the skeleton frame to study the slab contribution in progressive collapse resistance. 
The RC slab is reinforced with nominal bottom reinforcement of R6@ 300 c/c both-way with 
cover of 25mm. LS, LD and ND analysis are performed using ABAQUS with sudden gravity 
load application and sudden column removal scenario to simulate the dynamic loss of a 
column. Finally, without changing the member sizes, diagonal braces (CHS 200x8mm) are 
added at two corners of the above mentioned building frame to form a simple braced frame. 
If the member sizes are different in both moment and simple braced frames, it is difficult to 
calculate the floor slab contribution alone in the collapse resistance of a building. Therefore, 
both the moment and simple braced frame member sizes are kept same. All the joints (beam-
to beam and beam-to-column) are considered as pin-pin connections to study the simple 
braced frame response under sudden column loss. One ground floor perimeter and the corner 
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column supports are removed one at a time, to simulate the loss of a ground floor column. 
Schematic views of the simple braced frame are shown in Figures 5.3 and 5.4. 
 





    (SAP 2000)   
        
LS  Max-deflection (mm) -165 -171.4 
(linear static)       
  Moment (kNm) 1529 1574 
  DCR 2.1 2.16 
        
        
NS (48% loading) Max-deflection (mm) -81 -82.2 
(non-linear static) Stabilised-deflection - - 
  Moment (kNm) - 703 
  Rotation (degree) 0.56 0.57 
        
NS (66% loading) Max-deflection (mm) -190 -152 
  Stabilised-deflection - - 
  Moment (kNm) - 766 
  Rotation (degree) 1.31 1.05 
        
NS (100% loading) Max-deflection (mm) not capable -571 
  Stabilised-deflection   - 
  Moment (kNm)   865 
  Rotation (degree)   3.96 
        
        
LD Max-deflection (mm) -153 -157 
(linear dynamic) Stabilised-deflection -85 -85.6 
  Moment (kNm) - 1303 
  DCR 1.95 1.79 
  Rotation (degree) 1.06 1.09 
        
        
ND Max-deflection (mm) -281 -286 
(non-linear dynamic) Stabilised-deflection -250 -180 
  Moment (kNm) - 1493 
  Rotation (degree) 1.95 1.98 
  Ductility 3.5 3.5 
        




It is found that mesh size does not significantly affect the results for linear static analysis for 
a skeleton frame model (maximum deflection is 161.5 mm for mesh size 1000 mm; 
maximum deflection is 167.5 mm for mesh size 500 mm; maximum deflection is 167.4 mm 
for mesh size 250 mm; maximum deflection is 166.8 mm for mesh size 150 mm). The 
computational time for linear static analysis is about 5 minutes. However, mesh size is an 
influence on the results for dynamic analysis with a slab model (e.g. for braced frame, 
deflection of 443 mm is observed for mesh size of 250 mm and deflection of 359 mm is 
observed for mesh size of 450 mm for non-linear dynamic analysis). Computational time 
further increases while fining the mesh, and thus 450 mm mesh size is adopted in this 
comparison study as reasonable FE mesh size (the computational time for ND analysis with 
the 450 mm mesh is about 1.5 days).  
5.2 Floor slab contribution in frame deflection  
Moment frame maximum beam deflections at first storey column removed locations are 
summarised in Tables 5.2 and 5.3. A ground floor column removal scenario is simulated by 
removing its support at step 2 in ABAQUS. Step 1 is used to load the structure and maintain 
it to represent the service life of the building. Results show that sudden gravity load 
application is a more conservative approach than the member removal scenario, to represent 
the dynamic effect due to column loss. The maximum beam deflections of simple braced 
frames at first storey column removed locations are summarised in Tables 5.4 and 5.5. 
Deformed building frames under perimeter column (PC) loss and corner column (CC) loss 










































Instant load application 
Support removal 











LS 249.8 120.4 51.80 Support removal 
LD 227.6 98.3 56.81 Support removal 
ND 308.3 120.9 60.78 Support removal 
Table 5.3: Slab contribution in deflection of moment frame due to corner column removal 
 Skeleton frame 
 
Deflection _ frame with 
90mm slab (mm) 
Deflection _ frame 
with 120mm comflor60 (mm) 
LS Collapsed 402.3 384.7 
LD Collapsed 379.4 359.3 
ND Collapsed 482.7 440 
Table 5.4: Maximum deflection of simple braced frame due to perimeter column removal 
 Skeleton frame Deflection _ frame with 90mm slab 
LS Collapsed 1427.4 
LD Collapsed 1274.4 
ND Collapsed Collapsed 
Table 5.5: Maximum deflection of simple braced frame due to corner column removal 
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Figure 5.4: Elevations and plan view of simple braced frame 
             
(a)                                                                      (b) 
Figure 5.5: Deformed frame view in ABAQUS for (a) braced frame due to perimeter column 
loss (b) moment frame due to corner column loss  
Moment frame deflection-time relationship for perimeter column loss and corner column loss 
are shown in Figures 5.6 and 5.7. Simple braced frame deflection-time relationship for 
perimeter column loss and corner column loss are shown in Figures 5.8 and 5.9. Numerical 
Removed column _case 1 Removed column _case 1 Case 2 Case 2 
Diagonal bracing, CHS 200x8mm 
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results show that the simple braced frame deflections are higher than the moment frame 
deflection. 
 
GSA (2003) reported that the allowable rotational limit for fully restrained connection is 
2.5% radians and partially restrained connection is 1.5%. It is calculated that the allowable 
maximum deflection of a beam with a fully restrained connection is 206 mm 
(=2.5/100x8250) and the allowable maximum deflection of a beam with a partially restrained 
connection is 124 mm (=1.5/100x8250). Marjanishvili and Agnew (2006) assumed that the 
joints were not failed (fixed joint and pin joint). The steel girder section is Class-1 under 
bending (it is remaining Class-1 under a larger deflection stage, where the beam will be under 
tension) and thus it is reasonable to assume that the section has sufficient rotational capacity. 
Even though the simple braced frame did not collapse for such large deformations, concrete 
strain exceeded the limit of 0.0031 for the all above cases in simple braced frames. Therefore, 
GSA (2003) predicts the reasonable rotational limit to predict the maximum allowable 
deflection of a beam. Past research has reported that the rotational limit of a composite joint 
is lesser than the rotational limit of a steel joint. Plastic strain in concrete is monitored at each 
step to predict failure, since a material damage model is not defined in this verification study. 
However, a material damage model could be incorporated easily in ABAQUS. Local 
buckling of beam and column are not considered in the simplified numerical model. It could 
be avoided by choosing the steel section within a Class-3 cross section. Analysis results show 





Figure 5.6: Moment frame deflections at column removed position due to perimeter column 
removal 
 
Figure 5.7: Moment frame deflections at column removed position due to corner column 
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Figure 5.8: Braced frame deflections at column removed position due to perimeter column 
removal 
 
Figure 5.9: Braced frame deflections at column removed position due to corner column 
removal 
The use of a skeleton frame in the progressive collapse (or large deflection) analysis should 
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term of forces and deflection, compared to the frame with slab model. The slab reduces the 
frame deflection as much as 50% compared to the skeleton frame and thus it contributes 
favourably to resist progressive collapse.  Results clearly show that loss of a corner column in 
a building is more critical than the loss of a perimeter column. Simple braced frames are 
susceptible to progressive collapse, compared to the moment-resisting frames under single 
column loss, which have higher redundancy to redistribute the load.  
5.3 Floor slab contribution in redistributing the damaged column load  










(a)  Slab and beam distributes damaged column load (b) Beam distributes damaged column 
load 
Figure 5.10: Column marking for adjacent column for (a) frame with slab (b) skeleton frame 
Force demand (axial force, bending moment) on adjacent members are investigated in 
addition to the frame deflection. Figure 5.10 shows the adjacent column markings (A, B and 
















(b) Column load above the removed column due to corner column loss (-ve: compression) 
 
Figure 5.11: Column load above the removed column due to corner column loss 
Maximum column loads above the removed column are summarised against the floor level 



































Column load (kN) 
Storey 
Storey 
Column load (kN) 
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reported in Appendix 1, (Section A1.4, positive (+ve) denotes tensile force). There are two 
plots (lines) for the dynamic analysis to denote the maximum tensile and maximum 
compressive force at each storey level. From the numerical results, the following 
observations can be made. They are: (1) generally maximum column load above the damaged 
column reduces with the presence of the slab, since the slab also redistributes the damaged 
column load in addition to the beam, (2) linear analysis with dynamic amplification factor 
(DAF) of two underestimates the column load above the removed column compared to the 
dynamic analysis cases. The DAF of two underestimates the static results compared to the 
dynamic results. Thus, static analysis results alone cannot be used to design ties (vertical ties) 
based on the design guidelines (e.g. BS 5950). Generally steel column is sufficient to carry 
the damaged column load, since the demand is much less than the column axial resistance.  
However column splices (for column continuity) may be the critical element of the column, 
and (3) moment frame column load above the removed column is generally less compared to 
the simple braced frame. This is because the damaged column load is redistributed via the 
bending action of the beam (due to joint rigidity) in a moment frame, whereas it occurs by 
shear and catenary action in a simple braced frame. In addition, there is an increment in 
column force to resist the lateral load (for lateral stability), which occurs due to the loss of a 
















Figure 5.13: Maximum adjacent column ‘A’ load due to corner column loss 
 








































Figure 5.15: Maximum adjacent column ‘C’ load due to corner column loss 
With respect to the column marking shown in Figure 5.2 and 5.12, adjacent column loads are 
summarised in Figures 5.13 to 5.15 for both perimeter column loss and corner column loss. 
Generally, axial force in adjacent column is less if the floor slab is taken into consideration in 
the analysis. This can be clearly described in Figure 5.10. In a skeleton frame, the beam 
distributes the damaged column load to adjacent columns along its beam direction but for the 
frame with slab, slab also redistributes the damaged column load to surrounding columns. 
Therefore, adjacent column loads are less for a frame with slab compared to the skeleton 
frame. Force demand varies significantly, depending on the analysis type and simplification. 
Thus appropriate analysis type (i.e. LS, LD and ND) with floor slab must be considered in the 
numerical analysis. The non-linear dynamic (ND) analysis is often preferred for the 
progressive collapse analysis. Numerical results show that a dynamic amplification factor of 
two generally over-predicts the static analysis result, compared to the dynamic analysis 
results. In the simple braced frame, the observed adjacent column loads are higher than that 
of those in the moment frame. It is because the damaged column load is redistributed by 





















catenary action in a simple braced frame. In addition, there is an increment in column force to 
resist the lateral load (for lateral stability), which occurs due to the loss of a column in the 
simple braced frame compared to the moment frame.  Therefore higher force is transferred in 
adjacent columns for the braced frame compared to the moment frame. 







Figure 5.16: Beam marking for beam axial force and bending moment for corner column loss 
With respect to the beam marking (monitoring points A1, A2, C1 and C2, each monitoring 
point is around 450mm away from the column centreline to represent the force at joint 
region) shown in Figure 5.16, beam axial forces are summarised in Figures 5.17 to 5.20 and 
beam bending moments are summarised in Figures 5.22 to 5.25 for both perimeter column 










Figure 5.17: Maximum beam axial force at ‘A1’ due to corner column loss 
 



































Figure 5.19: Maximum beam axial force at ‘C1’ due to corner column loss 
 



































Significant axial force (tension/compression) demand occurs at the joint (column-to-beam 
joint) region in all types of analysis, which is higher than the design minimum requirement of 
75kN according to BS5950-1:2000 (or EC1-1-7). Axial force on beam occurs due to the 
bending action (i.e. bending moment = force x lever arm) and tensile force at large beam 
deflection.  Therefore, it is preferred to perform progressive collapse analysis rather than rely 
on the prescriptive tie force method mentioned in the design guidelines for robustness design. 
A suitable joint type with sufficient axial tensile resistance should be provided to avoid 
catastrophic collapse due to column loss. A high demand of axial tension force (and less 
bending moment) occurs under large frame deflection due to the catenary action on beam. 
High demand of bending moment (and less axial force) occurs at a small deflection of beam 
due to the bending action. Conventional shear tab (fin) connection may not be able to resist 







Figure 5.21: Force distribution in steel beam section and composite beam section 
Force demands (axial force and bending moment) in the skeleton frame beam differ 
significantly compared to the frame with slab, due to variation in depth of the lever arm (a 
composite beam lever arm is high compared to a skeleton beam). In the case of composite 
beams, a beam will carry compression (or tension) and a reinforced slab will carry tension (or 
compression) under bending. On the other hand, for a skeleton beam, the steel beam itself 


























Therefore, it is recommended to incorporate slab in the analysis to realise the real 3D 
building response.  
5.5  Floor slab contribution in redistributing the beam bending moment  
 
Figure 5.22: Maximum beam bending moment at ‘A1’ due to corner column loss 
 



































Figure 5.24: Maximum beam bending moment at ‘C1’ due to corner column loss 
 







































Numerical results show that sagging and hogging moments are less due to the slab influence 
in the frame with a slab model, compared to a skeleton frame model, because both the beams 
and slab carry the load for the frame with slab model, whereas the steel beam itself carries the 
load in the skeleton frame model.  If the slab is considered in the analysis and design, 
member sizes can be optimised. The bending moment on a braced frame is small compared to 
the moment frame, since beam-to-column joints are pinned. However, there is a considerable 
variation in results due to the monitoring point location and slab continuity. The monitoring 
points are 450mm away from the column centre line to represent the force at joint region. The 
bending moment demand varies significantly depending on the analysis type (LS, LD and 
ND) and type of frame (braced or moment frame). Non-linear dynamic analysis is often 
performed for the progressive collapse analysis. This analysis study concludes that the slab is 
a vital structural element and it is required to be incorporated in the analysis.  
 
Prescriptive  robustness design of building structures is given in Appendix 1, and is 
performed based on the guidelines  SCI (2003) and SCI (2011). Additional numerical results 
are also reported in Appendix 1, Section A1.4. There are few design guidelines currently 
available for the robustness design of building structures. Some of them are UFC (2009), 
GSA (2003), BS5950-1 (2000), CEN1991-1-7 (2006), JSSC (2005) and IStructE (2010). 
5.6  Summary 
Based on the analysis study on moment frames and simple braced frames, the following can 
be concluded: 
1. Slab reduces the frame deflection as much as 50% compared to the skeleton frame 
and thus the floor slab contributes favourably to resist progressive collapse. 
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2. Simple braced frames are susceptible to progressive collapse compared to the moment 
resisting frames under single column loss, which have higher redundancy to 
redistribute the damaged column load. 
3. Realistic force distribution could be observed in the frame while incorporating the 
floor slab during the analysis, compared to the skeleton frame model analysis. 
4. Significant axial force demand occurs at a joint region, due to a column loss in all the 
types of analysis, which is much higher than the design minimum requirement of 
75kN according to BS5950-1:2000 (or EC1-1-7). Prescriptive robustness design based 
on the tie force method shall not be conservative for robustness design of buildings. 
Conventional shear tab (fin) connection is weak in carrying axial force and thus it 
may not be able to resist high tension force under large deflection. 
5. Generally, axial force in adjacent columns is less if the floor slab is taken into 
consideration in the analysis and column load above the damaged column reduces 
with the presence of slab, since slab also redistributes the damaged column load in 
addition to the beam. 
6. Corner column loss in a building is more critical for progressive collapse than the loss 
of a perimeter column. 
7. A dynamic amplification factor of two is generally a conservative estimate for static 
analysis to predict dynamic behaviour compared to dynamic analysis. However, static 
analysis itself will not be adequate to predict the building frame response under 
column loss. Non-linear dynamic analysis is often preferred for the progressive 





DYNAMIC ASSESSMENT OF COMPOSITE FRAME RESPONSE 
BASED ON PLASTIC HINGE ANALYSIS  
6.1  Background 
This chapter presents a dynamic assessment approach of a composite frame due to sudden 
column loss, using plastic hinge analysis. The proposed simplified hand calculation method is 
performed using plastic hinge analysis and its computational cost is less compared to the 
numerical analysis. The proposed plastic hinge method is applicable for class-1 plastic 
section and for beam and/or joints have sufficient rotation capacity to develop plastic hinge to 
form a collapse mechanism.  
 
Research on robustness and progressive collapse analyses has been performed over the last 
two decades, due to the several high profile collapses of multi-storey buildings because of 
abnormal loads. Buildings with inadequate robustness are vulnerable to unanticipated 
extreme loads or hazards. Non-linear dynamic (ND) analysis is often required to predict 
accurately the response of building structures subjected to extreme load. However, ND 
analysis is computationally expensive compared to static analysis. Past research on the 
progressive collapse analysis of building frames has reported that full 3D building frame 
analysis is computationally expensive and consumes substantial computational resources in 
order to predict the non-linear dynamic response of a building. Although well calibrated, 
simplified plane frame models (2D) can be relied upon to model progressive collapse, the 




Few researchers have developed simplified approaches to predict the building frame response 
to account for inelastic redistribution and dynamic effect due to sudden column loss. Lee et 
al. (2009) proposed a simplified non-linear analysis method using an energy approach for 
evaluation of progressive collapse potential in 2D welded steel moment frames. At Liège 
University Demonceau et al. (2008), the sudden loss of a column in a building structure has 
been under investigation with the objective of proposing a design guide to ensure the 
robustness of structures. In particular, simplified analytical methods have been developed to 
predict the response of 2D steel and composite frames under a sudden column loss. Alashker 
and El-Tawil (2011) proposed a design-oriented model for computing the load resisting 
capacity of steel-concrete composite floors subjected to interior column loss. The model is 
based on the premise that floor collapse is resisted through the development of membrane 
action in the slab elements and catenary forces in the steel beams. The analysis is incremental 
in nature and tracks the evaluation of damage in a floor system up to failure. Izzuddin et al. 
(2008) proposed a simplified framework for progressive collapse assessment of multi-storey 
buildings under a sudden column loss. A major feature of the approach is its ability to 
accommodate simplified and detailed models of the non-linear structural response. Three 
main stages were utilised in the framework, including the determination of the non-linear 
static response, dynamic assessment using a simplified approach and ductility assessment.  
The computational time for investigating the building frame response under column loss is 
still relatively long in view of the development of new powerful computers. Kwasniewski 
(2010) reported that the analysis of an 8-storey 3D building required the use of 60 processors 
and took 19 days to complete.  Alashker et al. (2011) reported that the detailed analysis of a 
10-storey building required the use of 12 CPUs with 24 GB RAM for 2.5 days. Fu (2009) 
also reported that the research on the behaviour of the progressive collapse of a building has 
been limited due to,(i) limited availability of  analysis tools, (ii) the high cost and 
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cumbersomeness of a full scale test, (iii) the complicated geometric models for 3D detailed 
numerical modelling, and (iv) the fact that a two-dimensional model does not predict the 
overall structural behaviour accurately. Simplified numerical analysis also requires 
considerable computational time. The proposed plastic hinge approach consumes less 
computational time (about 30 minutes) compared to the numerical approach and it is a hand 
calculation (it can be implemented in a spread sheets). The results obtained using the plastic 
hinge approach is in reasonable agreement with the test/numerical result. 
6.2 Plastic hinge analysis of floor beam    
As shown in Figure 6.1(a), axial springs are assigned at the beam ends to represent the axial 
restraint from the adjacent structural members (beam). An energy equation is written by 
equating the external work done due to the applied load, to the sum of the internal work done 
by the plastic hinges and the energy stored in the axial springs. The external work done by the 
load P on the beam displacement, δ, is Pδ.  The internal work done by the plastic hinges is 
∑ 	!",,	#$%  ,where n is number of plastic hinges, 	!",,  is plastic moment resistance of 
the composite joint or beam section and θi is the plastic rotation of beam section. 
 
 







   
(a)                                                  (b)                                   (c) 
Figure 6.1: (a) Collapse mechanism of restrained beam and critical edge distance of (b) fin 












∆max(critical bolt edge distance) 
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The energy stored in the joint axial springs is, ∑ !",,	),#$%  ,where !",, is plastic 
axial resistance of the composite joint and ∆,  is the maximum axial joint deformation. 
The work done by the external load is equated to the sum of the internal work done by the 








If the floor beam is not continuous, there is no axial restraint. Therefore the work done by the 
external load is equal to the internal work of the plastic hinges only, and the term 
∑ !",,	),#$%  in Equation 6.1 is zero.  
6.3  Plastic hinge analysis of composite floor beam system due to sudden column loss 
Equation 6.1 will be used to predict the load displacement behaviour and collapse load of the 
composite beam or composite floor beam system using a few assumptions. This method is 
called the Plastic Hinge (PH) analysis. Second order effect, compressive arching action and 
non-linearity effects are not accounted in the proposed PH analysis. The proposed plastic 
hinge analysis is performed based on the following assumptions:  
• Plastic hinges are allowed to form at beam ends and/or joints. Steel beam should 
be class-1 (plastic) section and joints should have sufficient rotation capacity to 
develop plastic hinges.   
• Deflection at each plastic hinge formation step is calculated using standard beam 
deflection formula in which linear elastic behaviour is assumed (an elastic-plastic 
hinge by hinge analysis is performed assuming that the structure is elastic between 
the two plastic hinges formation).  
• Bolt edge distance is considered as a critical dimension of joint, which is used to 
calculate the internal work done by the joint (i.e. energy stored in spring). Vlassis 
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et al. (2008) reported that joint failure occurred at about 20 to 30 mm of the axial 
deformation of joint. The upper limit of the bolt edge distance of 1.2 times the 
bolt-hole diameter as specified in Eurocode 3 is taken as maximum axial 
deformation of the joint.    
The following procedure is used in the proposed plastic hinge analysis:  
i. Calculate the composite joint moment resistance (	!",,), composite beam moment 
resistance (	!",,) and composite joint axial resistance (!",). The compressive 
resistance of joint (!",,./!0122/#) shall not be equal to the tensile resistance of 
joint (!",,1#2/#). The connection has different bolt edge distance and thus the 
equation is derived to satisfy all the above cases. 
ii. Perform elastic-plastic analysis tracing the formation of a plastic hinge in the floor 
beam system.  





  (6.1a) 
It means external work done by the applied load is equal to the internal work done 
by the plastic hinges (due to rotation).  














It means external work done by the applied load is equal to the sum of the internal 
work done by the plastic hinges (due to rotation) and the energy stored in the axial 
springs (due to axial deformation of joint. It shall be shortening or elongation). where, 
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P  is external load, δ  is floor vertical displacement at the point of sudden loss of 
column,	 !",,  is plastic moment resistance of the composite joint or beam section, θ 
is plastic rotation of beam section and n is the number of plastic hinges. Notations m 
and r  are the number of plastic hinges in a joint under compression and a joint under 
tension, respectively. ∆,	 and , are maximum axial joint deformation in  a 
joint under compression and a joint under tension, respectively, in which maximum 
axial joint deformation is represented by the corresponding bolt edge distances. 
Critical bolt edge distance is shown in Figure 6.1b and Figure 6.1c for fin plate 
connection and end-plate connection respectively. 
iii. At the formation of each plastic hinge, determine the load and deflection of the 
composite floor at the point of column loss. 
iv. Repeat steps ii and iii using a step-by-step analysis approach, tracing the sequence of 
plastic hinge formation in a composite floor beam system until a collapse mechanism 
is formed to establish the static load-displacement behaviour of a composite floor 
subject to column loss. 
The key assumption of the plastic hinge (PH) analysis is that the composite beam sections 
and the joints must have sufficient rotational capacity for plastic redistribution of forces. The 
load displacement response of composite floor corresponding to the formation of each plastic 
hinge is evaluated.  Figure 6.2a shows the subassembly of a floor beam system consisting of 
adjoining members connected to the affected column.  Floor axial restraint is represented via 
axial springs at each floor beam ends to represent the axial restraint from the adjacent 









                                                                   
 







                         








Figure 6.2: (a) Axial restraints and formation of plastic hinges due to column loss (b) axial 
force-displacement relationship of joints 
The axial resistance of the beam joints, moment resistance of the composite beam section and 
joints may be calculated using Eurocodes 3-1-8 and 4-1-1(CEN1994-1-1 (2004), CEN1993-
1-8 (2005)). The beam end restraints help to prevent the collapse of damaged bay due to 
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localised column loss.  This means continuity of floor beams increase the system load 
carrying resistance/capacity compared to the un-restrained floor. If the floor beams are not 
continuous beyond the damaged bay, axial restraint will not be presented. As a result the 
floor beam system will deflect freely without any restraint from the adjacent beams. The axial 
restraints at the beam ends and formation of plastic hinges due to the internal column loss are 
shown in Figure 6.2a. Typical joint axial force-displacement response is shown in Figure 
6.2b.   
6.4 Dynamic assessment of composite floor response  
The proposed plastic hinge analysis approach is extended to predict the dynamic 
amplification factor (DAF). A simplified dynamic assessment approach proposed by Izzuddin 
et al. (2008) assumed that when a sudden column loss occurs, the kinetic energy will reduce 
to zero at the end and hence the work done by the gravity load is identical to the energy 
absorbed by the structure.  Thus, external work done by the floor system is given by external 
load times the displacement (i.e. Pδ).  Figure 6.3 illustrates the simplified dynamic 
assessment method. The static load-displacement curve (P-δ) of the floor beam system is 
firstly obtained from plastic hinge analysis, as described in Section 6.3. The area under the 
static curve represents the internal energy absorbed by the floor system. Equivalent dynamic 
load (Pd,n) is calculated for each corresponding static displacement (i.e. at each plastic hinge) 
by equating the internal energy (area under static load-displacement curve) and external work 
(Pδ) to predict the dynamic load-displacement response of a floor system. The DAF is 
computed using both the static load-displacement and dynamic load-displacement responses. 
The DAF is calculated as maximum load obtained from the PH analysis (static collapse load; 
Ps,4) divided by the maximum load obtained from the simplified dynamic assessment 

















(a)    
 






(b)       (c) 
Figure 6.3: (a) Static load-displacement response by PH analysis (b) estimation of dynamic 
load by equating energy (c) dynamic load-displacement response 
 
The GSA guidelines proposed the use of DAF = 2 to amplify the static response to predict the 
dynamic response of a building for the progressive collapse analysis.  Many researchers have 
noted that DAF = 2 is conservative and it over predicts the building response compared to 
that obtained from non-linear analysis (Ruth et al. (2006)).  Therefore the computed DAF 
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a multi-storey building consisting of several floors, the dynamic analysis may be performed 
as follows: 
i) Perform the static building analysis without any load amplification  
ii) Derive the static load-displacement response of each composite floor using the 
proposed plastic hinge analysis approach 
iii) Predict the dynamic load-displacement  response using the simplified dynamic 
assessment approach  
iv) Compute DAF by dividing the static collapse load obtained from the PH analysis by 
the dynamic collapse load obtained from the simplified dynamic assessment approach  
v) Dynamic design force= Static force *DAF 
6.5  Verification studies 
The accuracy of the PH approach to predict the load-displacement response of composite 
beam and frames is verified by comparing the predicted results with those from the 
established test and numerical data available in the literature.  
6.5.1  Two-storey composite frames with end-plate beam- to-column connections 
The two-storey steel frame with composite floor beams tested by Wang and Li (2007) is 
analysed herein using the proposed PH approach. The dimensions of the frame, cross-section 
of the composite beam and end-plate beam-to-column connections are shown in Figure 6.4a 
and Figure 6.4b. The first storey beams are subjected to two incrementally applied 
concentrated loads until failure. The load-deflection response of Beam 1 of the two-storey 
frame is predicted herein, using the proposed PH method. The second moment of area (I) of 
the beam and moment resistance of the beam and joint are calculated using Eurocodes’ 
approach (CEN1993-1-8 (2005), CEN1994-1-1 (2004)). In this case, composite joint moment 
resistance of 150kNm is less than the composite beam moment resistance of 331kNm. 
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Therefore the first plastic hinge will form at the beam joints and the second and last plastic 
hinge will form at the beam sections under the point loads. Material properties and test details 
are reported in Chapter 3. Detailed calculation is given in Appendix 2. The load-deflection 
response of Beam 1 and the sequence of plastic hinge formation till collapse are shown in 
Figure 6.4c. GSA and DoD criteria (GSA (2003), UFC (2009)) for joint rotational limits are 
used to predict the beam deflection limit as shown in Figure 6.4c. The proposed PH approach 
captures the collapse load and the load-deflection response reasonably well compared to the 
test result. The predicted maximum load is 566kN, compared to the test value of 570kN 
(0.7% deviate). It is assumed that the beam collapses at the deflection corresponding to the 
last plastic hinge formation.   
 
(a) Two-storey composite frame (Wang and Li (2007)) 
 




(c) Load-deflection and collapse mechanism of Beam 1 
Figure 6.4: Composite frame details and load-deflection of Beam 1 
6.5.2  Collapse of composite floor under concentrated load 
The response of a composite frame with fin plate connections subjected to middle column 
loss was investigated by Sadek et al. (2008). Part of the frame’s (C-E/3-5) behaviour was 
investigated with the loss of column D4 as shown in Figure 6.5a. The middle column support 
was removed to represent the column loss and then the unsupported middle column was 
pushed down statically until the system collapsed. The floor beam was attached to the column 
by a fin plate welded to the column and bolted to the beam web using three bolts.  The 
moment resistances of the connections are evaluated using the component method in 
Eurocode-3. The sequence of plastic hinge formation till collapse is shown in Figure 6.5b. H1 
denotes the first hinge and H6 denotes the last hinge. Material properties and test details are 
reported in Chapter 3. Detailed calculation is given in Appendix 2.  The load-deflection 
response obtained from Sadek et al. (2008) is compared with the results from the proposed 
plastic hinge analysis as shown in Figure 6.6. DoD criteria for joint rotational limit is used to 
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the proposed PH method conservatively predicts the collapse load and load-deflection 
response reasonably well, until the deflection limit of 880mm. The floor system is assumed to 
collapse at the deflection corresponding to the last plastic hinge formation.       
 
  
     (a)                                                                              (b) 
Figure 6.5: (a) Plan view of composite frame (Sadek et al. (2008)) (b) sequence of plastic 
hinge formation in the floor beam system 
For composite beam involving a steel beam supporting an effective width of concrete slab, 
the analysis may be carried assuming crack or uncrack section properties.  Cracked section 
properties are used for composite beam section in the hogging moment region and uncrack 
section should be used for beam in the sagging moment region.  The deflection of the beam is 
calculated based on the cracked section properties at each plastic hinge formation and thus 
the resistance of frame is under-predicted.  It is also noted that beneficial effect of 
compressive arching, non-linearity effects are not accurately accounted in this proposed 
model and thus the result using predicted by the plastic hinge approach is lower than the 



















                               
Figure 6.6: Load-deflection of composite frame subject to concentrated load  
6.5.3  Collapse of composite floor under uniform floor load 
The same composite frame shown in Figure 6.5 subject to uniform floor load was analysed by 
Alashker et al., (2010) using advanced non-linear finite element analysis.  The load deflection 
response of the floor beam system subject to middle column loss is analysed herein by the 
proposed PH approach. The column support was removed and then the uniformly distributed 
floor load was applied incrementally to the entire slab until the system collapse. The 
sequence of plastic hinge formation is shown in Figure 6.5b. Material properties and test 
details are reported in Chapter 3. Detailed calculation is given in Appendix 2. The load-
deflection responses are shown in Figure 6.7. The proposed PH method predicts the collapse 
load and load-deflection response reasonably well compared with the results predicted by 
Alashker et al., (2010) until the deflection limit of 880mm.  
 
Cracked section properties are used for composite beam section in the hogging moment 
region and uncrack section should be used for beam in the sagging moment region.  The 
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hinge formation and thus the resistance of frame is under-predicted.  It is also noted that 
beneficial effect of compressive arching, non-linearity effects are not accurately accounted in 
this proposed model and thus the result using predicted by the plastic hinge approach is lower 
than the finite element results compared to the  Alashker et al., (2010)  result. 
 
Figure 6.7: Load-deflection of composite frame under uniform distributed load 
6.5.4  Collapse of composite floor due to perimeter column loss 
Vlassis et al. (2008) investigated the response of a composite frame subjected to a perimeter 
column loss. The geometry of the composite floor, directly affected by the sudden removal of 
the peripheral column is shown in Figure 6.8b. The building frame was designed as a simple 
construction with a total slab thickness of 130mm. The slab consisted of concrete cast on 
dovetail profile metal deck. Partial depth end-plate connections were employed for the beam-
to-column joints, while fin plate connections were used for the beam-to-beam joints. The 
composite floor was designed to carry gravity loads of unfactored dead and imposed loads of 
4.2kN/m2 and 5.0kN/m2 respectively. In addition to the floor loads, the edge beams carry a 
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assumed to investigate their beneficial effect on load-deflection response of the floor beams.  
In addition, axial restraint at the beam ends, representing the axial restraint from the adjacent 
structural members, was introduced to study the compressive arching and catenary action 
from the floor slab. Material properties and test details can be found in Vlassis et al. (2008). 
Detailed calculation is given in Appendix 2. 
                    











                                    
 
(a)              (b) 
Figure 6.8: (a) Sequence of plastic hinges (H1-H9) formation at beam ends (b) plan view of 
composite floor (Vlassis et al. (2008)) 
The load-deflection response due to perimeter column loss is predicted using the PH 
approach for both axially unrestrained and restrained beams for different slab reinforcements. 
Sequence of plastic hinge formation at the beam ends due to the perimeter column loss is 
shown in Figure 6.8a (H1 is the 1st hinge and H9 is the last hinge). Analysis results for 1.12% 
slab reinforcement are shown in Figure 6.9a and Figure 6.9b for an axially unrestrained beam 
and an axially restrained beam respectively. Figure 6.10 shows the axially restrained beam 



































































Figure 6.9: Load-deflection behaviour of edge beam for 1.12% reinforcement for (a) axially 
unrestraint beam (b) axially restraint beam 
Dynamic response of the beam is predicted using the simplified dynamic assessment 
approach Izzuddin et al. (2008). Izzuddin et al. (2008) observed that load-deflection response 
of the floor beam system was significantly affected by the axial restraint springs at the beam 







0 50 100 150 200 250 300 350 400
Proposed PH
Proposed  PH_dynamic
FEM by Izzuddin et al.(2008)_static









0 100 200 300 400 500 600 700
FEM by Izzuddin et al.(2008)_static
Proposed PH








reinforcement and failure delayed with the increasing slab reinforcement due to the 
development of an arching action. The absence of an axial restraint inhibits the development 
of compressive arching action and leads to considerably reduced static load resistance of a 
composite beam/floor. Static and dynamic load-deflection response of composite frame is 
shown in Figure 6.9. Even though there are deviations between the PH result and the 
numerical result, the proposed PH method predicts the collapse load and load-deflection 
response reasonably well, compared to the numerical results.          
 
Figure 6.10: Load-deflection behaviour of edge beam for 2% reinforcement for axially 
restraint beam 
6.5.5  Collapse analysis of ten-storey composite frame due to internal column loss 
The verification study of single storey fin plate connection composite frame response under a 
concentrate load (Section 6.5.2) is extended to predict the ten-storey 3D composite frame 
response. The ten-storey frame joints, slabs, beams and columns are typical (similar to single 
storey frame). The single storey frame numerical model and the ten-storey frame numerical 
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frame. Hence the ten-storey frame is not restrained by adjacent beams. Therefore the frame 
will laterally deform freely without any restraint from the adjacent beam, while the floor will 
deform vertically due to column loss.  The ten-storey frame load-deflection responses 
predicted using the PH approach and the present analysis using ABAQUS (non-linear static 
(NS) analysis) are shown in Figure 6.12b. The predicted result for a ten-storey frame using 
single storey sub-frame model is generally deviated, since there are many other factors 
influencing the system capacity. Some of them are column stiffness, column slenderness, 
load redistributions (stiffness ratio, boundary conditions), frame action, foundation rigidity, 
slab stiffness etc.  
 
          
 
(a)  (b)  
Figure 6.11: (a) Single storey frame (b) ten-storey frame numerical model in ABAQUS for 
middle column loss (unrestraint floor) 
As mentioned, there are simplifications in both the numerical model and proposed plastic 
hinge approach. The present numerical analysis was aborted due to a convergent problem at 
large deformation stage. It is generally cumbersome to predict the building response 








restrained floor) since there are limited guidelines available to classify the frame as whether a 
fully restrained or partially restrained frame. Even though there are deviations among the PH 
result and the present numerical result, the overall building frame response is predicted 
reasonably well with less computational time compared to the numerical analysis. Therefore 
the proposed PH method can be used to verify the numerical results and or it can be used for 
the preliminary design stage.  
Total load for 
single storey (kN) 
Total load for ten 
storey (kN) 
Mid span deflection 
(mm) 
Remarks 
27.87 278.7 6.16  
46.47 464.7 7.68  
65.07 650.7 16.12  
132.28 1322.8 114.4  
177.14 1771.4 286  
222 2220 538 Collapse load 
 
Table 6.1:  Summary of load-deflection response of ten-storey frame 
          
   (a)                                                                          (b) 
Figure 6.12: (a) Single storey load-deflection response (b) ten-storey frame load-deflection 








0 300 600 900




























6.6  Summary 
A Plastic Hinge (PH) analysis method is proposed to predict the load-deflection response and 
collapse load of a 3D composite building subject to column loss. A step-by-step elastic-
plastic analysis is firstly performed by tracking the formation of a plastic hinge in a 
composite floor until a collapse mechanism is formed. Then, the proposed PH approach is 
extended to predict the dynamic amplification factor (DAF). The static and dynamic load-
deflection response and collapse load of the composite building could be predicated 
reasonably well using both the proposed PH approach and DAF. The accuracy of the 
proposed PH approach is verified by comparing the predicted results with those from the 
established test and numerical results are available in the literature. The proposed PH 
approach predicts the building response reasonably well with less computational time/effort 
compared to the numerical analysis. The proposed plastic hinge approach may be 
implemented in a spreadsheet program to predict the building response reasonably well with 
much less computational effort than a full non-linear dynamic analysis. The proposed PH 
method could be used for the preliminary design stage due to its computational efficiency, 
compared to the detailed numerical analysis or experimental study. However, second order 
effect, compressive arching action, tensile catenary action and ductility considerations are not 






COMPOSITE BUILDING SUBJECT TO EXTREME LOADS 
7.1  Scope and background 
This chapter investigates the robustness of building subject to ground blast explosion as an 
extreme load, using both the advanced analysis and the alternate path (AP) approach. 
Analysing the non-linear dynamic behaviour of a full 3D building frame normally requires 
high computational resources. Kwasniewski (2010) reported that the analysis of an 8-storey 
3D building required the use of 60 processors and took 19 days to complete.  Alashker et al. 
(2011) reported that the detailed analysis of a 10-storey building required the use of 12 CPUs 
with 24 GB RAM for 2.5 days. Although well- calibrated, simplified two dimensional (2D) 
frame models can be relied upon to model progressive collapse, the results obtained from 2D 
frame analyses will not always be conservative (Alashker et al. (2011)).  Therefore, the 
proposed simplified composite slab and composite joint models are adopted in the advanced 
analysis to reduce the computational time, as reported in Chapters 3 and 4. The numerical 
analyses are performed using the ABAQUS explicit solver with a desktop computer of one 
CPU (6-processors) and 12 GB RAM. Computational time for the advanced analysis took 
about five days for a mesh size of 500mm, since blast analysis required the time increments 
in milliseconds. 
 
Research on the robustness of building structures has been initiated with the partial collapse 
of Ronan Point apartment, UK, due to a domestic gas explosion. It has been intensified after 
several recent high profile collapses of multi-storey buildings. In this respect, the Alternate 
Path (AP) approach, which is a threat independent methodology, is commonly used as a 
design guide for minimising the potential for progressive collapse. Nevertheless, the 
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effectiveness of this method is still questionable for abnormal loads, because only a single 
member is removed and the possibility of damage to several structural members is not 
considered in the AP approach. This assumption may lead to inaccurate prediction of the 
building response, especially under heavy blast loads. The advanced analysis is performed 
herein for a surface blast to identify the damaged elements in the building frame and then 
advanced analysis results are compared with the conventional AP approach results. 
 
Many researchers have investigated blast effects on steel and concrete buildings. Little 
research work has been reported for steel-concrete composite buildings. Shi et al. (2010) 
studied a three-storey, two-span reinforced concrete (RC) frame for possible progressive 
collapse under a blast. Direct blast analysis results were compared with the results from an 
alternative path approach. The authors reported that the direct blast analysis more accurately 
predicted the structural progressive collapse process than the alternate path approach. Ngo et 
al. (2007) presented a comprehensive overview of the effects of explosions on structures. An 
explanation of the nature of explosions and the mechanism of blast waves in free air was 
provided.  The authors also introduced different methods to estimate blast loads and structural 
response. Draganic and Sigmund (2012) described the process of determining the blast load 
on structures and investigated a reinforced concrete structure subject to direct blast load. 
Raparla and Kumar (2011) studied the linear response of different RC bare frames subject to 
blasts of different charge weights. They found that the increase in structural response (e.g. 
displacement) was not linearly related to the charge weight and the displacement response 
was low for heavy structures compared to lighter structures. Fu (2013) performed a numerical 
investigation on 3D 20-storey steel-concrete composite buildings subject to a 15kg package 
bomb blast, which was detonated on the 12th floor. Comparisons between direct blast analysis 
and alternate path approach were reported.  The author found that, due to the uplift and 
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downward pressure acting on the slab, the column force under the direct blast analysis was 
smaller than that of the alternative path approach.  
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Blast loading categories 
Charge 
Confinement Blast category Pressure loads Protective structure 
Unconfined 
explosion 











4- Fully vented c. Internal  shock d. Leakage Cubicle 
5.Partially confined 
c. Internal shock 
e. Internal  gas 
d. Leakage 
Partial containment cell 
or 
suppressive shield 
6.Fully confined c. Internal shock 
e. Internal gas Full containment cell 
    
(b) 
Table 7.1: Blast loading categories (TM-5-1300(1990)) 
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Explosive effect of blast over pressure should be considered in the building design to resist 
the effect of accidental explosions. Fragments generated by the explosion and shock loads 
produced by the shock wave are transmitted through the air or ground. The blast pressures are 
usually the governing factor in the determination of the structure’s response compared to the 
fragments and shock loads (TM-5-1300 (1990)). Generally TNT (trinitrotoluene) is used to 
quantify the explosive charge. An idealised blast pressure time relationship is shown in 
Figure 7.1. Blast loads on structures are divided into two main groups based on the 
confinement of the explosive charge, namely unconfined and confined explosions. It is 
subdivided based on the blast loading produced within the donor structure or acting on 
acceptor structures. Six possible blast loading categories and five possible pressure loads (‘a’ 
to ‘e’) are illustrated in Table 7.1 associated with the blast load categories and protective 
structures (TM-5-1300(1990)).  
 
Free air burst explosion occurs in free air and produces an initial output, whose shock wave 
propagates away from the centre of the detonation, striking the structure without intermediate 
amplification of its wave. An air burst explosion occurs at a distance from and above the 
structure so that the ground reflection of the initial wave occurs prior to the arrival of the 
blast wave at the structure. A surface burst explosion will occur when the detonation is 
located close to or on the ground, so that the initial shock is amplified at the point of 
detonation due to the ground reflections. A fully vented explosion will be produced within, or 
immediately adjacent to, a barrier or cubicle type structure with one or more surfaces open to 
the atmosphere. The initial wave, which is amplified by the non-frangible portion of the 
structure, and the products of detonation, are totally vented to the atmosphere forming a 
shock wave (leakage pressure) which propagates away from the structure. A partially 
confined explosion will be produced within a barrier or cubicle type structure with limited 
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size opening and or frangible surfaces. The initial wave, which is amplified by the frangible 
and non-frangible portion of the structure, and the products of detonation, are vented to the 
atmosphere after a finite period of time. The confinement of the detonation products, which 
consists of the accumulation of high temperatures and gaseous products, is associated with a 
build-up of quasi-static pressure. This pressure has a long duration in comparison to that of 
the shock pressure. Full confinement of an explosion is associated with either total or near 
total containment of the explosion by a barrier structure. Internal blast loads will consist of 
unvented shock loads and very long duration gas pressures, which are a function of the 
degree of containment. The magnitude of leakage pressures will usually be small and will 
only affect those facilities immediately outside the containment structure. 
                       
Figure 7.1: Idealised pressure time variation, time after explosion (TM-5-1300 (1990)) 
A structural element subjected to a blast loading exhibits a higher strength than a similar 
element subject to a static loading. This increase in strength, for both the concrete and 
reinforcement, is attributed to the rapid strain rates that occur in dynamically loaded 
members. These increased stresses or dynamic strengths are used to calculate the elements of 
dynamic resistance to the applied blast load. Thus, the dynamic ultimate resistance of an 
element subjected to a blast load is greater than its static ultimate resistance. Both the 
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concrete and reinforcement exhibit greater strength under rapid strain rates. The higher the 
strain rate, the higher the compressive strength of concrete and the higher the yield and 
ultimate strength of the reinforcement.  Typical stress-strain curves for concrete and 
reinforcing steel are shown in Figures 7.2 and 7.3. The solid curves represent the stress-strain 
relationship for the materials when tested at the strain and unloading rates specified in ASTM 
Standards (American Society for Testing and Materials). At a higher strain rate, their strength 
is greater, as illustrated by the dashed curves. Where, f'c = static ultimate compressive 
strength of concrete; f'dc = dynamic ultimate compressive strength of concrete; fy = static 
yield stress of reinforcing steel; fdy = dynamic yield stress of reinforcing steel; fu = static 
ultimate stress of reinforcing steel; fdu = dynamic ultimate stress of reinforcing steel; Es = 
modulus of elasticity for reinforcing steel; Ec = secant modulus of elasticity of concrete; εu = 
rupture strain. 
 
The most important effect of strain rate is the increased yield and ultimate strengths of the 
reinforcement and the compressive strength of the concrete. For typical strain rates 
encountered in reinforced concrete elements subjected to blast loads, the increase in the yield 
strength of the steel and the compressive strength of the concrete is significant. The ultimate 
strength of the reinforcement is much less sensitive to the strain rate. The increase in the 
ultimate strength is insignificant and the strain at which this stress occurs is slightly reduced. 
There is essentially no change with strain rate in the modulus of elasticity and rupture strain 
of the steel. In the case of concrete, as the strain rate increases, the secant modulus of 
elasticity increases slightly, and the strain at maximum stress and rupture remain nearly 





                        
Figure 7.2: Stress-strain curve for concrete (TM-5-1300 (1990)) 
                        
Figure 7.3: Stress-strain curve for steel (TM-5-1300 (1990)) 
The behaviour of a structural element subjected to a blast loading depends upon the ultimate 
strength and ductility of the materials from which it is constructed. The required strength of a 
ductile element is considerably less than that necessary for a brittle element to resist the same 
applied loading. A ductile element maintains its peak or near-peak strength through large 
plastic strains whereas a brittle element fails abruptly with little energy absorbed in the plastic 
range. Reinforced concrete with well tied and anchored ductile reinforcement can be 
classified as a ductile material (TM-5-1300 (1990)). Ductility is a significant parameter 

































blast loadings. The importance of ductility increases as the duration of the blast load 
decreases relative to the natural period of the member. In general, to satisfy withstanding a 
blast load, the required ultimate resistance required of ductile members is considerably less 
than that required for brittle members, which fail abruptly with little energy absorbed in the 
plastic range of behaviour. A ductile member is one that develops plastic hinges in regions of 
maximum moment, first by yielding of the tension reinforcement, followed by crushing of the 
concrete. This behaviour is typical of under-reinforced concrete sections. A section can be 
designed to be very ductile by maintaining an under-reinforced section, adding compression 
reinforcement, and utilising lacing (link) bars to prevent buckling of the compression 
reinforcement. For a laced section, the reinforcement is stressed through its entire strain-
hardening region, where the steel reaches its ultimate stress fdu and fails at its rupture strain 
εu. In a flexural member, the straining of the reinforcement, and consequently its stress, is 
expected in terms of its angular support rotations. The dynamic increase factor, DIF, is equal 
to the ratio of the dynamic stress to the static stress (e.g. fdy/fy , fdu/fu , f’dc/f’c ). 
 
The magnitude of stresses produced in the reinforcement of an element responding in the 
elastic range can be related directly to the strains. However, in the plastic range the stresses 
cannot be related directly to the strains. An estimate of the average stress over portions of the 
plastic range can be made by relating this average stress to the deflection of the element. The 
deflection is defined in terms of the angular rotation at the supports. The average dynamic 
stress is expressed as a function of the dynamic yield stress fdy and the dynamic ultimate 
stress fdu. f(dynamic) = DIF x f(static). In order to restrict damage to a structure or element, which 
is subjected to the effects of accidental explosion, limiting values must be assigned to 
appropriate response quantities. Two different types of values are specified, namely, limits on 
the level of inelastic dynamic response and limits on the maximum deflections and rotations. 
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For elements which can be represented as single degree of a freedom system, such as beam, 
floor and wall panels, open-web joist and plates, the appropriate quantities are taken as the 
maximum ductility ratio and the maximum rotation at an end support. For systems such as 
frame structures, which can be represented by multi-degree of freedom system, the 
appropriate quantities are taken as the side sway deflection and individual frame member 
rotations.  
7.3 Advanced analysis on 3D composite building frame subject to surface blast 
7.3.1 Alternate path approach 
The Alternate Path (AP) approach, which is a threat to independent methodology, is 
commonly used in design guidelines (GSA (2003), UFC (2009)) for minimising the potential 
for progressive collapse. The AP approach, which is a performance based method, is 
performed to ensure the bridging capability of structure over a missing structural element 
under localised damage. The AP approach is executed with the removal of a single structural 
element (column/beam) at a certain building floor level one at a time regardless of threat 
type. Appropriate analysis type (linear or non-linear, static or dynamic),  design loading for 
static and dynamic analysis, structural element removal locations and the allowable extent of 
collapse are given in design guidelines (GSA (2003), UFC (2009)) for the progressive 
collapse analysis.    
7.3.2 Direct blast analysis  
An explosion within or close to a building will cause catastrophic effect or severe damage to 
the building frame. The explosive effect of blast over pressures should be considered in the 
design of building structures. The blast can occur at any floor level within a building or away 
from the building. Critical structural elements can exist in any floor level of a building 
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depending on the blast type and charge weights. Such critical structural elements can be 
identified by executing the likelihood of possible blast scenarios. Therefore, scenario-base 
blast analysis will be required in order to capture the true behaviour of buildings subject to 
blast loads. Blast pressure-time history of an explosion for each structural element is 
calculated using a TM-5-1300 (1990) guideline and it is applied appropriately for the 
numerical investigation of building response under a blast. This numerical investigation is 
named here with direct blast analysis. The direct blast analysis is performed to identify the 
damaged/incapable elements/members in the building frame. The structural element is 
considered as damaged if the demand on a structural element exceeds its resistance or 
prescript allowable limit. The structural element damage criteria shall be governed by axial 
force, bending moment, shear force, deflection, rotation or a combination of these. 
7.3.3 Collapse analysis  
Based on the direct blast analysis result, damaged elements can be removed from the building 
frame. The structural element is considered as damaged if the demand on a structural element 
exceeds its resistance or prescript allowable limit. Subsequent non-linear dynamic analysis 
with the absence of damaged elements in the building frame is outlined here with the collapse 
analysis. The direct blast analysis is performed to identify the damaged elements in the 
building frame for collapse analysis. Both the direct blast analysis and collapse analysis shall 
ensure the progressive collapse resistance of building frames and these numerical 
investigations are outlined here with advanced analysis. Therefore the direct blast analysis 
and subsequent collapse analysis (i.e. advanced analysis) are required for the robustness 
analysis of a building frame. 
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7.4 Advanced analysis on ten-storey composite building subject to surface blast  
7.4.1 Alternate path approach 
A ten-storey special moment frame previously studied by Alashker et al. (2011) is modified 
herein for progressive collapse analysis, as shown in Figure 7.4 (adopted modification is 
reported in Chapter 8) . The same ten-storey steel building frame with different types of 
lateral force resisting systems are investigated.  The first frame is a simple frame with 
diagonal braces at the four corners as shown in Figure 7.5a.  The second frame is a simple 
frame with a central concrete core wall as shown in Figure 7.5b.  The third frame is a mixed 
frame, which consists of a rigid moment frame and simple frames as shown in Figure 7.5c. 
These three frames are investigated using an alternate path approach for the sudden loss of 
column occurring at the corner, perimeter and interior of the building (detailed study on 
response of the building using alternate path approach is reported in Chapter 8). The ground 
floor (i) perimeter column D6 (ii) corner column F6 (iii) internal column D4/E5 (D4 for 
mixed frame and corner braced simple frame; E5 for core braced simple frame) is removed 
suddenly to investigate the progressive collapse resistance of a building. A corner braced 
simple frame is formed by adding vertical cross bracing frames at the four corners of the 
simple frame. Diagonal bracing size is CHS 100x10mm. For the core braced simple frame, 
300mm thick concrete core walls are used to form the central core (between grids C-D and 3-
4) to provide lateral load resistance to the simple frame surrounding the central core. The core 
wall is reinforced by two layers of T16-300 steel bars arranged in both ways with a concrete 




















Figure 7.4: Elevation and plan view of special moment frame (Alashker et al. (2011))    
The ten-storey building foot print dimension is 30.5m x 45.7m.  The column spacings in the 
longitudinal and transverse directions are 9.14m and 6.1m, respectively. Beam and column 
sizes are shown in Figure 7.4. A secondary beam, W14x22, is not shown in Figure 7.4 for 
clarity. The composite floor slab consists of a 82.5mm thick lightweight concrete topping 
(concrete density = 17.3kN/m3) on a 76.2mm deep metal deck. Metal deck thickness is 
0.9mm and nominal concrete strength is 16.5N/mm2. The slab is lightly reinforced with wire 
mesh (1.4mm diameter and 152mm spacing in both directions). Self-weight of floor is 
2.2kN/m2. Super-imposed dead load of the typical floor is 1.44kN/m2 and the roof is 
0.48kN/m2. Live loads of the typical floor and the roof are 4.79kN/m2 and 0.96kN/m2 
respectively. All the beam and column sections have the same steel grade with yield strength, 
tensile strength and modulus of elasticity equal to fy = 345MPa, fu = 448.2MPa, and E = 
210kN/mm2.  For the simple braced frames, the beam-to-column connections are fin-plate 
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bolted to the beam web using 3 numbers 22mm diameter A325 high strength bolts. Yield 
strength and tensile strength of these bolts are 634MPa and 827MPa respectively. The shear 
plate yield strength and, tensile strengths are equal to fy = 248MPa and fu = 421MPa. 
Concrete material is modelled using the concrete damage plasticity model in ABAQUS and 
tensile strength of concrete is neglected. Steel material is modelled using the elastic-plastic 
bi-linear material model with 0.5% strain hardening.  The fracture strain is taken at 0.27 
plastic strain as in Alashker et al. (2011). The material model for metal deck and rebar is 
assumed to be elastic-perfectly plastic with fy = 248MPa and fracture strain 0.25. Structural 
damping of 5% is assumed in this analysis study (AISC (2013)). Further details on material 
model are reported in Appendix 5. Non-linear dynamic analyses using the alternate path 
approach (GSA (2003)) are performed to investigate the building frames’ response under a 
sudden column loss.  
 
As reported in Chapter 3, shell elements (S4R) used for slab and beam elements (B31) used 
for columns and beams in the numerical modelling using ABAQUS. Full composite action is 
defined between slab and beam using tie constraints. Finite element mesh size of 500mm is 
adopted in this comparison study. The simple connections are assumed to be fin-plate bolted 
connections, as shown in Figure 7.6a. Figure 7.6 (b) and (c) show the fin-plate connection 
axial force-displacement and moment-rotation relationships used for the simple connections 
in this analysis (for the case of a metal deck parallel to the beam). Figure 7.7a shows the 
deformed configuration of the core braced simple frame due to perimeter column loss. Figure 
7.7b shows the monitoring point A, which is used to trace the vertical frame deflection under 
perimeter column loss. Similarly, a corner column lost position is monitored for the 






































Figure 7.5: Elevation and plan views of (a) corner braced simple frame (b) core braced simple 
frame (c) mixed frame 











































Moment bays Moment bays 







































                                                          
(a) Fin plate connection 












(b)  Axial force-displacement of fin-plate  (c) Moment-rotation of fin-plate connection 
 connection 
Figure 7.6:  Fin-plate connection, axial force-displacement and moment-rotation relationship 
of fin-plate connections 
Figures 7.8(a) and (b) show the vertical deflection response curves of core braced simple 
frames due to column loss. It is observed that vertical displacement due to corner column loss 
is higher than the perimeter column loss. Only the core braced simple frame vertical 
deflection is reported in this chapter for perimeter column and corner column loss, due to 
sudden column loss. The detailed study of a variety of frame response is reported in Chapter 
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column loss, maximum allowable ductility and or rotation limits of beams are checked in 
accordance with GSA (2003) acceptance criteria for non-linear analysis. None of the frames 
studied herein have displacements and beam end rotations that exceeded the acceptance 
criteria, which stipulate that the maximum allowable ductility of a steel beam is 20 and 












Figure 7.7: Core braced simple frame (a) deformed frame configuration due to perimeter 






























(b) Vertical deflection at column removed position due to corner column loss 
Figure 7.8: Core braced simple frame vertical deflection at column removed position due to 
column loss  
7.4.2 Advanced analysis 
Among the above mentioned ten-storey frames, the centred core simple braced frame is only 
investigated here for a surface bomb blast of 500kg TNT, which is detonated at 20m away 
from the building front column D6 (along grid D), as shown in Figure 7.9. The US guideline 
TM-5-1300 (1990) is used to predict the blast pressure-time history for the numerical 
analysis. The direct blast analysis is performed to identify the possible damaged elements in 
the building frame for the collapse analysis. Uplifting loads on the beams and slabs are 
neglected, because the explosion occurred at 20m away from the structure. Blast load acting 
on the top and bottom surface of the beam and slab are almost the same. Therefore, the net 
uplifting load is very small. However, in the case of nearby explosion, the uplifting loads on 
the beams and slabs must be considered as they can generate an uplifting initial velocity and 
displacement (Shi et al. (2010)). The blast loads are applied on the front face of the ten-storey 
building front columns, based on the assumption that the external claddings are fragile and 
only width of column width + 200mm is effective in attracting blast pressure (SCI (2011)). 

























Figure 7.9: (a) Elevation (b) plan view of ten-storey building (secondary beams are not 
shown) 
The building frame is subjected to a gravity load combination of 1.0 x dead load + 0.25 x live 
load in load step 1. A 500kg TNT is detonated at a distance of 20m away from the target 
column D6 at 1.5 seconds from the initial time, which is represented in load step 2. Blast 
pressure-time history for each storey column is calculated using TM-5-1300 (1990) and it is 
applied appropriately at load step 2. Applied load-time relationship is shown in Figure 7.10. 
The frame response is monitored for three seconds. Few critical locations on column and 
beams are monitored. Among them, monitoring points ‘a’ to ‘j’ are at mid-height of the 1st 
and 2nd storey columns and the monitoring point ‘b1’ is at centre of the 1st storey beam. 
Building frame schematic views and monitoring points are shown in Figure 7.9 (secondary 
beams are not shown). Direct blast analysis, subsequent collapse analysis and AP approach 
results are discussed in this section. In addition to the 5% structural damping, a no-damping 
scenario also investigated the influence of damping in the direct blast analysis. 
 
 

















































Figure 7.10: (a) Gravity load application on frame (b) blast loading-time relation 
Table 7.2: Blast load and ground distance for column D6 
Calculation of surface blast load for ground distance of 20m (refer to TM-5-1300 (1990)) 
 
Charge weight (lbs)    = 1102.31    
Ground distance (ft)   = 65.617 = 20m       
Factored charge weight (lbs), W =1322.77 (FOS = 1.2)      
Scaled ground distance, ZG = RG / W1/3 = 5.978 ft/lb1/3      
From Figure 2-15 of TM-5-1300       
Reflected pressure, Pr = 90psi 
Storey level Ground distance (m) Reflected blast pressure on column (MPa) 
Roof 48.0 - 
10th storey 43.8 0.062 
9th storey 40.1 0.083 
8th storey 36.5 0.096 
7th storey 33.0 0.162 
6th storey 29.8 0.210 
5th storey 26.8 0.276 
4th storey 24.2 0.410 
3rd storey 22.1 0.410 
2nd storey 20.7 0.620 





(a) Loading the structure 
Blast occurs 
Blast pressure vary 









Peak positive incident pressure, Pso = 25psi 
Shock front velocity, U =1.8ft/ms 
Scaled unit pressure incident impulse, is/W1/3 =12psi-ms/lb1/3 
Scaled positive phase duration, to/W1/3   =1.6ms/lb1/3 
Scaled arrival time, tA/W1/3 =1.5ms/lb1/3       
Therefore, is =131.73psi-ms, to =17.56 ms and tA =16.47ms  
Similarly blast pressure-time history for each ground distance is derived using TM-5-1300 
(1990) guideline. It is summarised in Tables 7.2 and 7.3. Loading width of ‘b+200’ is 
assumed as an effective area to calculate the uniform distributed load (udl) on the perimeter 
columns. Column width, b is 360mm. The udl for each perimeter column is summarised in 
Table 7.3c. 
Ground distance (m) Pr (psi) *Pr (MPa) to (ms) ta (ms) to+ta (ms) 
20.00 90.0 0.620 17.56 16.47 34.03 
23.05 60.0 0.410 21.95 27.44 49.39 
26.10 40.0 0.276 24.15 32.93 57.08 
29.15 30.0 0.210 25.25 39.52 64.77 
32.20 23.5 0.162 26.35 43.91 70.26 
34.00 23.0 0.158 27.44 45.01 72.45 
37.00 14.0 0.096 31.83 65.86 97.69 
40.00 12.0 0.083 32.93 82.33 115.26 
44.00 9.0 0.062 32.93 98.8 131.73 
48.00 9.0 0.062 32.93 98.8 131.73 
51.00 9.0 0.062 32.93 98.8 131.73 
55.00 7.0 0.048 34.03 109.77 143.08 
*1000 psi = 6.895 MPa 






Column D6 Column C6 and E6 
Column B6 and 
F6 Column A6 
Storey -1 0.620  0.410 0.276  0.158  
Storey -2 0.620 0.410 0.210 0.158 
Storey -3 0.410 0.410 0.210 0.158 
Storey -4 0.410 0.276 0.210 0.096 
Storey -5 0.276 0.210 0.162 0.096 
Storey -6 0.210 0.162 0.158 0.083 
Storey -7 0.162 0.158 0.096 0.062 
Storey -8 0.096 0.096 0.083 0.062 
Storey -9 0.083 0.083 0.062 0.062 
Storey -10 0.062 0.062 0.062 0.062 
(b) Blast pressure (MPa) for perimeter columns 
 
 
Column D6 Column C6 and E6 
Column B6 and 
F6 Column A6 
Storey -1 347.20  229.60 154.56  88.48  
Storey -2 347.20 229.60 117.60 88.48 
Storey -3 229.60 229.60 117.60 88.48 
Storey -4 229.60 154.56 117.60 53.76 
Storey -5 154.56 117.60 90.72 53.76 
Storey -6 117.60 90.72 88.48 46.48 
Storey -7 90.72 88.48 53.76 34.72 
Storey -8 53.76 53.76 46.48 34.72 
Storey -9 46.48 46.48 34.72 34.72 
Storey -10 34.72 34.72 34.72 34.72 
       
(c) Uniform distributed load (N/mm) for perimeter columns 
Table 7.3: Blast load on columns 
Mechanical properties of the steel and concrete materials are affected due to the dynamic 
blast load (TM-5-1300 (1990), Ngo et al. (2007), Fu (2013)). Therefore, strain rate effect due 
to blast is also considered in the numerical analysis. The dynamic design yield stress of steel 
(fy,dynamic) may be  determined by (Fu (2013)):  





where,  a = modification factor; DIF = dynamic amplification factor; fy,static= static yield 
stress of steel. The dynamic increase factor for the reinforced concrete elements is calculated 
from Table 9.3 of SCI (1999). The factors ‘a’ and DIF  can be estimated using SCI (1999). 
7.4.2.1 Effect of standoff distance 
The front columns of the building facing the blast are arranged in such a way that they bend 
about their minor axis when subject to blast pressure. Figure 7.11 shows the graphical views 
of a 3D deformed building frame under the AP approach (single column loss) and direct blast 
analysis (five column damage and loss). With reference to the monitoring points depicted in 
Figure 7.9, the effect of standoff distance on direct blast analysis is summarised in Figures 
7.12 to 7.15 and Tables 7.4 and 7.5. The axial force, bending moment, shear force and 
deflection responses of the 1st storey perimeter columns D6, E6 and F6 are summarised in 
Figures 7.12 to 7.15.  












a -329 621* 4542 496 0.031 
b -250 621* 3799 289 0.031 
c -192 621* 2448 229 0.018 
d -86.8 537 1323 143 0.001 
e -93.5 477 4029 313 0.001 
f -61.4 420 3502 260 0 
g -69.7 304 2279 233 0 
h -52.6 252 1180 229 0 
i -144 621* 2698 296 0.014 
j -43.0 386 2467 252 0 
b1 -6.49 65.4 849 150 0 
* Plastic moment resistance is reached 
 
Table 7.4: Lateral deflection and forces for 5% damping with strain rate effect 
The numerical results clearly show that blast effect on adjacent structural member is severe 
compared to a structural member that is further away from the blast location. Significant axial 
force (AF) variation in a column is observed due to the high lateral blast pressure. Shear force 
167 
 
induced by the direct blast is within the column shear resistance. Direct blast analysis results 
show that many 1st storey perimeter columns reached the plastic moment resistance. Analysis 
results show that lateral deflection of 1st storey columns due to blast is not negligible. Large 
deflection may damage the column with regard to support rotation, member ductility, second 
order effect etc. 
Point Max. lateral 
















a 92.6 -23.1 163 35.4 88.9 
b 40.8 -13.8 197 20.9 78.7 
c 19.1 -8.38 276 13.2 93.8 
d 6.89 -2.01 245 22.7 74.9 
e 11.4 -38.0 180 27.6 152 
f 8.61 -21.7 225 15.5 102 
g 9.27 -11.8 155 12.4 152 
h 6.29 -3.55 203 16.7 98.4 
i 9.15 -5.23 173 14.5 46.7 
j 3.75 -8.29 147 11.9 57.7 
b1 4.83 -50.1 861 1.57 124 
  
Table 7.5: Maximum deflection and forces for 5% damping with strain rate effect 
    
                       (a)                                                    (b)                                                     (c) 
Figure 7.11: Deformed frame view for (a) one-column loss AP analysis (b) direct blast 









             
Figure 7.12: Column lateral deflection (dir-Z) in direct blast analysis for 5% damping  
                                
Figure 7.13: Column axial force in direct blast analysis for 5% damping 
Beam/column rotation contour (UR1) due to the blast at end of the direct blast analysis 
(t=3sec) is shown in Figure 7.16a (floor slab is not shown). UR1 means rotation about axis-
1(U1 means deflection in axis direction-1). Figure 7.11b shows the graphical views of a 3D 
deformed building frame due to the blast. Analysis results show that few columns reached the 
allowable rotational limit of 12o (0.2 rad) based on the TM-5-1300 (1990) acceptance criteria. 
With reference to the minor axis moment, a plastic hinge is formed at five 1st storey, front 


















































damaged columns have to be removed for the collapse analysis.  
            
Figure 7.14: Column bending moment in direct blast analysis for 5% damping 
           
Figure 7.15: Column shear force in direct blast analysis for 5% damping 
The damaged five perimeter columns (B6, C6, D6, E6, and F6) are suddenly removed from 
the building frame for the subsequent collapse analysis. Advanced analysis (which means 
both the direct blast analysis and subsequent collapse analysis) is required for the robustness 
analysis of the building frame. An alternate path approach is performed with the removal of a 
single column (D6 and F6, one at a time). For the parametric study, a three-column loss 
scenario (C6, D6, and E6 column loss) is investigated. Analysis results for single column loss 
(AP), three column loss (for parametric study) and five column loss (according to the direct 
blast analysis) are compared. Lateral deflection for three-column loss collapse analysis is 



















































deflection in a direct blast analysis, since lateral load is not taken into consideration in an 
alternate path (AP) approach. The AP results will under predict the building response 
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Figure 7.17:  Deflection at mid height of the column D (point-a) with time  
Figures 7.17 and 7.18a show the deflection history at column D6 (point-a). Figure 7.17 shows 
that the vertical deflection predicted by the AP approach (due to perimeter column D6 loss) is 
higher than that from the direct blast analysis. Gudmundsson and Izzuddin (2010) reported 
that the sudden column removal approach provided an upper bound solution on floor 
deformations compared to the blast analysis. Subsequently, collapse analysis is required to be 
executed with the absence of the damaged element (damaged element should be removed 
from the frame depending on the damage criteria, e.g. TM-5-1300 (1990) and direct blast 
analysis result) to complete the progressive collapse analysis. Numerical results for vertical 
deflection are summarised in Figure 7.18a. A simple braced frame may be susceptible to 
progressive collapse for a single column loss (AP). It is confirmed that three and five column 
loss, causing large vertical and lateral deflection, large rotation and exceed members 





























Figure 7.18: (a) Deflection of frame (b) column D6 (point a) force variation with time due to 
blast for 5% damping 
Direct blast analysis results are summarised in Tables 7.6 and 7.7 for frame with strain rate 
effect and no damping. Figure 7.18b shows the axial force (AF) and shear force (SF) demand 
at monitoring column D6 (point a) in the direct blast analysis. High demand of force 
occurred, especially for axial force at the instance of blast pressure hitting the building, which 
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4250kN, according to Figure 7.18) is higher than the designed axial force (i.e. 1500kN) and 
thus the building may be susceptible to progressive collapse. 
 
Figure 7.19: Column D6 lateral deflection (dir-Z) in blast analysis for no-damping without 
strain hardening effect 
7.4.2.2 Effect of damping 
There is no significant difference observed between 5% damping and no-damping results in 
the direct blast analysis (results are summarised in Tables 7.4, 7.5, 7.6 and 7.7). Maximum 
demand generally occurs at the first cycle of the 5% damping. On the other hand, maximum 
demand will occur in subsequent cycles for the no-damping analysis, since there is no 
opposing force to reduce the kinetic energy. This can be seen in Figures 7.12 and 7.19. 
Therefore, no-damp analysis takes many cycles compared to the 5% damping analysis to 
predict the building response. As a result, maximum demand will occur in the later stage 
instead of in the first-cycle for building analysis with no-damping. Maximum demand may be 
higher for no-damp analysis compared to the 5% damping analysis. However, variation in 
results among both cases falls within the range of 1 to 2%. Generally there is no building with 
no-damping. Therefore it is recommended to use an appropriate damping value to get the 








































a -329 621* 4543 496 0.031 
b -250 621* 3803 289 0.031 
c -192 621* 2454 229 0.017 
d -86.8 538 1325 141 0.001 
e -93.6 477 4038 314 0.001 
f -61.4 420 3502 264 0 
g -69.7 303 2283 236 0 
h -52.5 253 1183 230 0 
i -144 621* 2700 299 0.014 
j -43.0 386 2470 256 0 
b1 -9.99 65.4 850 150 0 
* Plastic moment resistance is reached 
Table 7.6: Lateral deflection and forces for no damping with strain rate effect 
Point Max. lateral 

















a 92.9 -23.3 162 35.6 89.5 
b 41.3 -13.9 194 20.9 80.6 
c 19.4 -8.39 271 13.0 94.2 
d 6.96 -2.01 249 22.7 76.2 
e 12.3 -38.2 169 28.1 145 
f 9.43 -21.8 234 15.3 96.4 
g 9.86 -11.8 157 12.9 142 
h 6.31 -3.55 200 16.9 99.8 
i 9.11 -5.24 169 14.1 47.3 
j 3.87 -8.29 145 12.3 57.3 
b1 5.34 -50.1 862 1.57 122 
Table 7.7: Maximum deflection and forces for no damping with strain rate effect 
7.4.2.3 Effect of strain rate 
Building frames with 5% damping and without strain rate effect analysis results are 
summarised in Table 7.8. Analysis results show that the beneficial effect of strain rate 
considerably affects the analysis result (e.g. deflection, forces, member resistance and plastic 
strain) as summarised in Tables 7.4, 7.5 and 7.8. The deflection of frame with strain rate 
effect is less than the deflection of frame without strain rate effect and also, the force demand 
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of frame with strain rate effect is higher than the force demand of frame without strain rate 
effect. This is because the dynamic properties of materials are higher than the static 
properties of materials (e.g. Young’s modulus, yield stress, ultimate stress, and concrete 
compressive strength). It means dynamic strength and stiffness increase due to strain rate 
effect and causes more force and less deformation on building compared to other.  














a -396 513* 4283 345 0.039 
b -288 513* 3309 335 0.035 
c -242 513* 2733 136 0.026 
d -91.2 510 1296 146 0.002 
e -108 453 3949 264 0.003 
f -62.6 385 3039 286 0 
g -88.7 249 2564 196 0 
h -52.9 271 1181 223 0 
i -176 513* 2808 285 0.022 
j -42.8 349 2609 249 0 
b1 -4.78 72.9 823 188 0 
* Plastic moment resistance is reached 
(a) 
 
Point Max. lateral 
deflection (mm)  
(X-direction) 
Max. vertical 











a 127 -37.9 175 28.2 95.9 
b 55.7 -21.2 122 20.4 93.5 
c 6.12 -13.1 185 18.1 81.3 
d 8.76 -2.22 212 20.9 78.6 
e 11.4 -56.7 163 22.0 141 
f 10.8 -36.1 191 14.8 81.4 
g 10.2 -18.4 143 13.8 139 
h 6.42 -3.82 191 15.4 108 
i 14.1 -7.46 150 10.2 51.1 
j 4.14 -11.8 183 11.1 55.2 
b1 5.08 -65.9 972 2.38 122 
 (b) 




The alternate path (AP) approach, which is a threat independent methodology, is commonly 
used in design guidelines for minimising the potential for progressive collapse. Nevertheless, 
the effectiveness of this method is still questionable for abnormal loads, because only a single 
member is removed and the possibility of damage to several structural members is not 
considered in the AP approach. On the other hand, an advanced analysis could be conducted 
for all possible likelihoods of extreme load scenarios to design the building against extreme 
loads. An extreme load can occur at any storey and also it can damage several structural 
elements instead of single one. The US guideline TM-5-1300 (1990) can be used to predict 
the blast pressure-time history acting on a building for a blast, based on an equivalent TNT 
charge detonated at a standoff distance. The direct blast analysis is performed to identify the 
possible damage elements in the building frame for the collapse analysis. This combined 
direct blast analysis and collapse analysis is outlined here with the advanced analysis. 
Numerical studies show that a heavy blast load may wipe out a series of columns/beams at 
once and a heavy blast may induce tremendous lateral force, which can cause stability issues.  
High blast pressure may also cause large lateral drift and significant damage to structural 
elements, spreading over several storeys of the building. Generally, such extensive damage 
cannot be captured accurately using the alternate path approach. This study recommends that 
advanced analysis (scenario-based blast analysis and subsequent collapse analysis) should be 
performed in order to capture the true behaviour of buildings subject to extreme blast loads.  
This approach is more sensible than the alternate path approach, as it checks the robustness of 
buildings based on the concept of column removal. The present study concludes that the 
alternate path approach can be used in the preliminary design of a building, but advanced 




METHODS TO ENHANCE RESISTANCE OF BUILDING FRAME 
AGAINST PROGRESSIVE COLLAPSE  
8.1  Background  
This section examines the progressive collapse resistance of a simple braced frame and a 
moment resisting frame under a sudden column loss using the alternate path approach 
proposed by GSA (2003).  The robustness of a ten-storey steel-concrete composite building 
with the sudden loss of corner, perimeter and internal column is investigated. Methods to 
enhance the progressive collapse resistance of these buildings are then proposed. The 
proposed methods are suitable for new buildings and may be used for retrofitting and 
strengthening existing buildings to mitigate progressive collapse due to accident loads. The 
composite slab modelling and composite joint modelling approach are reported in Chapters 3 
and 4. The frame details are reported in Chapter 7. 
 
Typically, multi-storey buildings may be classified into moment resisting frame and simple 
braced frame. Rigid joints are often required in the moment resisting frame for lateral load 
resistance whereas fin plate beam-to-column connections are used in the simple braced frame 
for speed of construction. Past research has shown that joint rigidity and frame redundancy 
are vital for buildings, in order to withstand accidental loads. Analysing the non-linear 
dynamic behaviour of a full 3D building frame normally requires long computational time 
and consumes huge computational resources (Kwasniewski (2010), Alashker et al. (2011)). 
Alashker et al. (2011) also reported that results obtained using the simplified two dimensional 
(2D) frame model will not always be conservative. Therefore, the proposed simplified 
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composite slab and composite joint models are adopted in this numerical study to reduce the 
computational time. The numerical analyses are performed using the ABAQUS explicit 
solver with a desktop computer of one CPU (6-processors) and 12 GB RAM. Computational 
time for the numerical analysis is about five days for a mesh size of 500 mm since the frame 
response is monitored for six seconds (one-to-two days are generally sufficient to predict the 
building response). Although several approaches of mitigating the progressive collapse of 
buildings have been proposed in the literature, they may not be economical or suitable for 
practical implementation. Yu et al. (2010) investigated the collapse behaviour of composite 
floor steel frames by retrofitting the structure with pre-stressed steel cables and increase the 
crack resistance of concrete at column-to-beam joints.  These two approaches helped to 
improve the lateral tying of columns in the frame and thus enhanced structural resistance 
against progressive collapse. Alashker et al. (2010) reported that the resistance against 
collapse came from the steel deck and, for the system considered, increasing the connection 
strength by adding more bolts might not be beneficial in increasing the overall resistance 
against collapse. Fu (2010) mentioned that, (i) increasing the strength of steel structural 
members and concrete marginally enhances the progressive collapse resistance of the 
building, (ii) increasing the area of slab reinforcement is disadvantageous since it improves 
the ductility of the slab and hence increases the dynamic displacement under a column loss, 
(iii) reducing the column spacing is an effective way of enhancing the progressive collapse 
resistance, (iv) a building with cross-bracing lateral resisting system is less vulnerable to 
progressive collapse under a column loss. The progressive collapse resistance of building 
frames under sudden column loss is numerically investigated in this chapter. Various lateral 
load resistance systems, including composite slab and joint contributions are taken into 
account in progressive collapse analysis. Ten-storey steel buildings with (1) diagonal braces 
at the corners (2) centre core wall (3) rigid moment joints are investigated for corner, 
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perimeter and internal column loss. The analysis results show that simple braced frames are 
more susceptible to the progressive collapse compared to the moment resisting frames (the 
same observation is observed in Chapters 5 and 7). Therefore various framing schemes and 
joint types are investigated to improve the progressive collapse resistance of the simple 
braced frames.   
8.2 Frame configuration and material modelling 
A ten-storey special moment frame previously studied by Alashker et al. (2011) is modified 
herein for progressive collapse analysis, as shown in Figure 8.1. In the present study, the 
same ten-storey steel building frame with different types of lateral force resisting systems are 
investigated.  The first frame is a simple frame with diagonal braces at the four corners as 
shown in Figure 8.2a.  The second frame is a simple frame with a central concrete core wall 
as shown in Figure 8.2b.  The third frame is a mixed frame, which consists of a rigid moment 
frame and simple frames as shown in Figure 8.2c. These three frames are investigated using 
the alternate path approach for the sudden loss of column occurring at the corner, perimeter 
and internal of the building.  
 
The ten-storey building foot print dimension is 30.5m x 45.7m.  The column spacings in the 
longitudinal and transverse directions are 9.14m and 6.1m, respectively. Beam and column 
sizes are shown in Figure 8.1. Secondary beam, W14x22, is not shown in Figure 8.1 for 
clarity. The composite floor slab consists of 82.5mm thick lightweight concrete topping 
(concrete density = 17.3kN/m3) on a 76.2mm deep metal deck. Metal deck thickness is 
0.9mm and nominal concrete strength is 16.5N/mm2. The slab is lightly reinforced with wire 
mesh (1.4mm diameter and 152mm spacing in both directions). Self-weight of floor is 
2.2kN/m2. Super-imposed dead load of the typical floor is 1.44kN/m2 and the roof is 
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0.48kN/m2. Live loads of the typical floor and the roof are 4.79kN/m2 and 0.96kN/m2 
respectively. All the beam and column sections have the same steel grade with yield strength, 
tensile strength and modulus of elasticity equal to fy = 345MPa, fu = 448.2MPa, and E = 
210kN/mm2.  For the simple braced frames, the beam-to-column connections are fin-plate 
types made by welding a 9.5mm thick single shear plate of A36 steel to the column and 
bolted to the beam web using 3 numbers 22mm diameter A325 high strength bolts. Yield 
strength and tensile strength of bolts are 634MPa and 827MPa respectively. The shear plate 
yield strength, tensile strength equal to fy = 248MPa and fu = 421MPa.  
 












Figure 8.1: Elevation and plan view of special moment frame (Alashker et al. (2011))    
The ground floor (i) perimeter column D6 (ii) corner column F6 (iii) internal column D4/E5 
(D4 for mixed frame and corner braced simple frame; E5 for core braced simple frame) is 
removed suddenly to investigate the progressive collapse resistance of the building. A corner 
braced simple frame is formed by adding vertical cross bracing frames at the four corners of 
the simple frame. Diagonal bracing size is CHS 100x10mm.  For the core braced simple 
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and 3-4) to provide lateral load resistance to the simple frame surrounding the central core. 
The core wall is reinforced by two layers of T16-300 steel bars arranged in both ways with a 
concrete cover of 30mm. Shell elements (S4R) are used to model the core wall.  
 
The adopted modifications on Alashker et al. (2011)’s 3D building frame are: (i) the reduced 
beam section (RBS) is not considered, (ii) all the column orientations are set to one direction 
(as similar to gridline 6) regardless of moment bay and gravity bay. This does not affect the 
analysis result significantly since the building is analysed for gravity load only, and (iii) all 
the beams, which span between columns, are set to W27x94, since only the top three floor 
beams differ in size with others in Alashker et al. (2011). All secondary beams are taken as 
W14x22 for simplicity and to avoid the complexity of force distribution based on its stiffness. 
 
Concrete material is modelled using the concrete damage plasticity model in ABAQUS and 
the tensile strength of concrete is neglected. Steel material is modelled using the elastic-
plastic bi-linear material model with 0.5% strain hardening.  The fracture strain is taken at 
0.27 plastic strain as in Alashker et al. (2011). The material model for the metal deck and 
rebar is assumed to be elastic-perfectly plastic with fy = 248MPa and fracture strain 0.25. 









































Figure 8.2: Elevation and plan views of (a) corner braced simple frame (b) core braced simple 
frame (c) mixed frame 
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8.3 Influence of frame types on resistance to progressive collapse 
Non-linear dynamic analyses using the alternate path approach (GSA (2003)) are performed 
to investigate the building frame response under a sudden column loss. Service loads are 
applied to the building frame gradually (dead load + 0.25 live load). Ground floor column 
loss is simulated by a sudden removal of column support at 1.5-seconds and the building 
frame response is monitored for 6-seconds (however, the building response shall be predicted 
within 2- seconds in this case).  
8.3.1 Frame vertical deflection  
Figure 8.3a shows the deformed configuration of the core-braced simple frame due to 
perimeter column loss. The simple connections are assumed to be fin-plate bolted 
connections as shown in Figure 8.4a. Figure 8.3b shows the monitoring point A, which is 
used to trace the vertical frame deflection under perimeter column loss. Similarly, the internal 
ground floor column lost position and corner column lost position are monitored for the 
maximum frame’s vertical deflection for internal column loss and corner column loss, 
respectively. To quantify damage on a structure subject to a column loss, maximum 
allowable ductility and or rotation limits of beams are checked in accordance with GSA 
(2003) acceptance criteria for non-linear analysis. None of the frames studied herein have 
displacements and beam end rotations have exceeded the acceptance criteria, which stipulate 
that the maximum allowable ductility of the steel beam is 20 and maximum end rotation for 


















Figure 8.3: Core-braced simple frame (a) deformed frame configuration due to perimeter 
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Figure 8.5: Lateral deflections of core-braced simple frame at column removed position 
 
 
(a) Vertical deflections at column removed position due to perimeter column loss 
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(c) Vertical deflections at column removed position due to internal column loss 
Figure 8.6: Frame vertical deflections at column removed position due to column loss  
Maximum lateral deflection of about 50mm is observed, due to the sudden perimeter column 
loss as shown in Figure 8.5. As expected, lateral deflection in the X-direction is less than 
lateral deflection in the Z-direction, due to the orientation of the column’s major axis in the 
X-direction. Lateral deflection of the core-braced simple frame is not significantly affected 
by the sudden column loss as compared to the vertical deflection.  Figures 8.6 (a) to (c) show 
vertical deflection response curves of corner braced simple frame, core braced simple frame 
and mixed frame due to column loss. The mixed frame vertical deflection is generally less 
than the vertical deflection of the simple braced frame due to joint rigidity in the mixed 
frame. However, for the internal column loss, the mixed frame vertical deflection is almost 
the same as the vertical deflection of the corner braced simple frame as shown in Figure 8.6c, 
since the removed internal column was not rigidly connected with the beams in the mixed 
frame and therefore large deflection was observed.  
 
For unbraced frames, it is important to provide rigid connections to all the beams and 
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loss. In the case of corner column loss, the bracing frames at the four corners participate in 
resisting the loads due to column loss, as shown in Figure 8.6b. As result, the vertical 
deflection of the corner braced simple frame due to column loss is smaller compared to the 
other two frames.  
8.3.2 Force distribution due to column loss 
 
(a) Mixed frame/corner braced simple frame         (b) Core-braced simple frame 
Figure 8.7: Monitoring points for mixed frame and simple braced frame due to corner column 
loss 
The force distribution due to the sudden loss of a corner column, in terms of vertical reaction 
forces generated on adjacent columns and axial force and hogging moment on the beam, is 
reported in this section. Monitoring points for vertical reaction force on adjacent columns (i.e. 
R1, R2 and R3) and monitoring point for hogging moment and axial force on the beam (i.e. 
Point 1) are indicated in Figure 8.7. Adjacent column reaction forces for the corner column 
loss are shown in Figure 8.8 and the hogging moment and axial force on the beam at Point 1 
are shown in Figures 8.9 and 8.10.  
R1 















(a) Column reaction force R1  
 
(b) Column reaction force R2 
 
  (c) Column reaction force R3   
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As shown in Figure 8.8, there is a significant increase of the adjacent column reaction force 
(R1and R3) due to sudden column loss for the three types of frames studied herein. It is also 
observed that the maximum adjacent column reaction force (3000 kN) due to sudden column 
loss can be two times higher than the force before column loss (1500 kN). Figure 8.8b shows 
the column reaction force R2 is not affected by joint rigidity or type of bracing system, since 
column R2 is not rigidly connected to the damaged column via floor beams. Figures 8.8 (a) 
and (c) also show that the column reaction forces R1 and R3 for the corner braced simple 
frame are less than those for the core braced simple frame, since the corner bracing system is 
more effective in redistributing the lost column load to the adjacent columns. 
 
Figure 8.9: Beam bending moment at Point 1 due to corner column loss 
The maximum forces (axial force and bending moment) generated on the floor beams due to 
column loss are found to be highest on the second storey.  The bending moment response 
curves at Point 1 (BM1) due to corner column loss are shown in Figure 8.9.  The results show 
that the bending moment for the core braced simple frame is higher than that for the corner 
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effective for a corner braced frame to resist collapse due to corner column loss. The 
maximum moment is higher for the mixed frame due to joint rigidity compared to other 
frames. But the maximum moment at Point 1 reaches the moment resistance of the fin-plate 
connection and, depending on the joint ductility/rotational capacity, the joint may fail and this 
could trigger progressive collapse. The ductility and rotational capacity of the fin-plate 
connection is relatively low and thus the joints should be strengthened to avoid the 
catastrophic collapse under column loss.  
 
Figure 8.10: Beam axial force at Point 1 due to corner column loss 
As shown in Figure 8.10, the axial force acting on the beam end (AF1 at Point 1) due to 
corner column loss is higher for the core braced simple frame than the corner braced simple 
frame because the corner bracing is effective in redistributing the load due to the column loss. 
The axial tension force on the joint due to column loss is found to be higher than 75kN 
according to BS5950 (BS 2000) and EC1-1-7 (CEN 2006). Therefore it is essential to 
perform progressive collapse analysis rather than rely on a prescriptive tie force method for 
robustness design. A suitable joint type with sufficient axial tensile resistance should be 
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tension force (and less bending moment) occurs under large frame deflection due to the 
catenary action on the beam. Higher demand of bending moment (and less axial force) occurs 
at small deflection of beam due to bending action. A conventional fin-plate connection may 
not be able to resist high tension force under large deflection.  
8.4 Influence of joints in resisting progressive collapse  
In general, a frame with rigid column-to-beam joints is less susceptible to progressive 
collapse, due to a shorter load path of redistributing the load at column loss location to the 
adjacent members. A simple braced frame, which consists of fin-plate beam-to-column 
connections, is more susceptible to progressive collapse, due to weak joints.  End-plate 
connection and modified fin-plate connection are proposed for the column-to-beam joint to 
enhance the progressive collapse resistance. 
8.4.1 End-plate column-to-beam connection  
For the comparison with the fin-plate connection (Figure 8.4a), an equivalent four-bolt flush 
end-plate connection is chosen, as shown in Figure 8.11c. The bolt size and end-plate 
thickness are the same as the fin-plate connection. Further to that, the axial force-
displacement relationship of both the fin-plate and end-plate connection is kept the same to 
investigate the effect of joint initial rotational stiffness.  The initial rotational stiffness of the 
end-plate connection is 43556 kNm/rad and for the fin plate connection is 12800 kNm/rad as 
shown in Figure 8.11. The maximum moment resistance of both the connections are almost 
the same. The displacement response of the frame with end-plate connection is compared 
with the frame with fin-plate connection for internal column, corner column and perimeter 
column loss. The maximum axial deformation of the connection is assumed to be equal to the 
bolt edge distance of 38.1mm, as shown in Figure 8.4a. The displacement at maximum axial 















(a)  Axial force-displacement of fin-plate and  (b) Moment-rotation of fin-plate connection 








(c) End-plate connection (d) Moment-rotation of end-plate connection 
Figure 8.11:  Axial force-displacement and moment-rotation relationship of fin-plate and end-
plate connections 
The maximum frame’s vertical deflection at a column removed location is reported here for 
perimeter column loss and internal column loss for a corner braced simple frame and core 
braced simple frame as shown in Figures 8.12 and 8.13. For the internal column loss, column 
D4 is removed in a corner braced simple frame and column E5 is removed in a core-braced 
simple frame due to existence of centre core wall. As shown in Figure 8.13, the vertical 
deflection of the core braced simple frame is higher than that of the corner braced simple 
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frame’s vertical deflection under internal column loss due to slab influence. The end-plate 
connections reduce the frame vertical deflection by about 25%. For the comparison study, the 
maximum moment resistance and axial force-displacement are kept the same for both 
connections. But this is not the case in a real scenario because rotational stiffness and 
maximum moment resistance of end-plate connections are often higher than fin-plate 
connections. Therefore, in general, end-plate connections are better than fin-plate connections 
to resist progressive collapse of a steel-concrete composite building. 
 
Figure 8.12: Frame vertical deflection at column removed position due to perimeter column 
loss 
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8.4.2 Modified fin-plate column-to-beam connection 
As highlighted above, the unavoidable construction gap in fin-plate connection weakens the 
moment-rotational behaviour and leads to higher beam/frame deflection compared to the end-
plate connection. The moment resistance and rotational restraint provided by the fin-plate 
connection can be improved by attaching an additional plate connecting the bottom beam’s 
flange to the column as shown in Figure 8.4b. The plate is welded to the bottom beam’s 
flange but it is not welded to the column. When the connection is subjected to negative 
moment, the bottom plate will press against the column and thus provide additional rotational 
restraint and moment resistance. The plate could also be welded to the column to provide 
additional resistance to tension and shear forces acting on the connection. The bottom plate 
may also be replaced by a bottom seat angle. 
 
Three-bolt fin-plate connections were investigated by Bzdawka and Heinisuo (2010). Figure 
8.14c shows the fin-plate connection (Figure 8.14a) and the modified fin-plate connection 
(Figure 8.14b) moment-rotation response predicted using the Eurocodes component model.  
It clearly shows that the initial rotational stiffness and moment resistance of the modified fin-
plate connection increase significantly compared to the conventional fin-plate connection. 
However, the ductility of the proposed connection needs to be further investigated. Ductility 
of the proposed modified fin plate connection will be increased with the welding of the fin 
plate with the beam web and thus web tearing could be avoided. As a result, ductility of the 
modified fin plate connection is governed by the ductility of the connected column. 
 
It should be noted that conventional fin-plate connections are designed to resist shear force 
only and they may not be able to resist additional moment induced by the bottom plate. For 
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retrofitting work using the modified fin-plate connections, the bolts and connecting column 










(a) Three-bolted fin-plate connection  (b) Modified fin-plate connection with additional plate 
 
(c) Moment-rotational relationship of fin-plate and modified fin-plate connection 
Figure 8.14: (a) Three-bolt fin-plate connection (b) modified fin-plate connection with 
additional plate at beam bottom flange (c) moment-rotation response of fin-plate and 
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8.5 Influence of floor slab in progressive collapse resistance 
Figure 8.6c shows that vertical deflection of the core braced simple frame is higher than that 
of the corner braced simple frame under internal column loss due to floor slab influence. The 
damaged column in the core braced simple frame is the penultimate column. Therefore, the 
core braced simple frame is more sensitive to progressive collapse due to corner column loss 
than perimeter column loss. Internal column loss is less critical compared to corner column 
loss and perimeter column loss due to the continuity of the floor slab.  The floor slab helps to 
tie all the floor beams together and thus it helps to redistribute the load due to column loss. 
Therefore, it is important to model the floor slab in the building frame analysis in order to 
accurately predict the response of the building. The beneficial effect of floor slab in resisting 
progressive collapse is also reported in Chapter 5. Figure 8.8b shows the column reaction 
force R2 is not significantly affected due to column loss. This is because the floor slab and 
the fin plate joint are adequate enough to distribute the damaged column loads to the adjacent 
columns. 
8.6 Influence of Vierendeel truss to enhance progressive collapse resistance  
A numerical study shows simple braced frames are more susceptible to the progressive 
collapse, due to weak column-to-beam joints compared to the moment resisting frames which 
have higher redundancy to redistribute the damaged column load. End-plate connection or 
modified fin plate connections will be used for column-to-beam joints to enhance the 
progressive collapse resistance of a simple braced frame. A Vierendeel truss (VT) is 
incorporated at the top floor level of the corner braced simple frame and core braced simple 
frame to investigate its structural benefit in resisting collapse due to column loss, as shown in 
Figure 8.15.  Essential numerical results are only reported in this chapter and the remaining 


















                                                                        
 
(a)                                                                           (b) 
Figure 8.15: (a) Elevation view of a ten-storey frame with Vierendeel truss at top floor level 
(b) isometric view of a ten-storey building 
8.6.1 Frame vertical deflection  
As shown in Figures 8.16 to 8.18, the vertical deflection of simple braced frames with the 
Vierendeel truss at the top floor is less, compared to a frame without the Vierendeel truss, and 
thus the frame with Vierendeel truss is less susceptible to the progressive collapse for single 
column loss. The Vierendeel truss enhances the frame resistance against progressive collapse 
and improves the robustness of the building. In addition, the presence of a Vierendeel truss 
reduces floor vertical deflection by as much as 50% compared to the frame without a 
Vierendeel truss. The Vierendeel truss also helps to redistribute the forces to adjacent 







Vierendeel truss at top floor 











Figure 8.16: Effect of Vierendeel Truss (VT) on vertical deflection of frame due to perimeter 
column loss  
 
(a) Vertical deflection at column removed position of mixed frame and core braced 
simple frame due to corner column loss 
 
 
(b) Vertical deflection at column removed position of corner braced simple frame due to 
corner column loss 
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(a) Vertical deflection at column removed position of mixed frame and core braced 
simple frame due to internal column loss 
 
(b) Vertical deflection at column removed position of corner braced frame due to internal 
column loss 
Figure 8.18: Effect of Vierendeel Truss (VT) on vertical deflection of frame due to internal 
column loss 
8.6.2  Force distribution due to column loss 
Bending moment and axial force generated by the sudden column loss were found to be 
higher for the beams at the 9th storey level of the frames with Vierendeel truss.  This is 
because of the Vierendeel truss located at the top floor, which has higher flexural stiffness 
and tends to attract more forces. The bending moment and axial force on the beam at Point 1 
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Figure 8.19: Effect of Vierendeel Truss (VT) on beam bending moment at Point 1 due to 
corner column loss 
As shown in Figure 8.19, bending moments for a frame without a Vierendeel truss are less 
than the frame with a Vierendeel truss. This is because a Vierendeel truss attracts more force 
due to its joint rigidity. For a frame without a Vierendeel truss, forces are distributed to all 
floor levels uniformly. Therefore, provision of a Vierendeel truss in a simple braced frame 
reduces the bending moment demands in a simple jointed beam and hence enhances 
progressive collapse resistance of a simple braced frame due to column loss. 
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As shown in Figure 8.20, beam axial force for a frame without a Vierendeel truss, is less than 
the frame with the Vierendeel truss. This is because a Vierendeel truss attracts more force due 
to its joint rigidity. For a frame without a Vierendeel truss, forces are distributed to all floor 
levels uniformly. Therefore, provision of a Vierendeel truss in a simple braced frame reduces 
the axial force demands in a simple jointed beam and hence improves progressive collapse 
resistance of a simple braced frame due to column loss. 
 
Contribution of a single Vierendeel truss is investigated in this study (beam span is 9.14m 
and floor height is 4.2m). It is generally difficult to maintain length-to-height ratio of a 
Vierendeel truss equal to one (beam span/floor height = 1) in a building frame within a floor, 
because typical floor height is around 4m and typical beam span is around 8m. In the case of 
high force demand, a two storey height Vierendeel truss or several Vierendeel trusses can be 
introduced, which will redistribute the member forces more effectively than a single 
Vierendeel truss. This does not affect the floor usage or floor layout because there are no 
additional or diagonal members in a Vierendeel truss. 
8.7  Enhancement of progressive collapse resistance using outrigger-belt truss 
The outrigger-belt truss system is one of the commonly used lateral load resisting systems for 
tall buildings. It is usually designed to carry only lateral loads of the building and not gravity 
loads. Therefore outrigger-belt truss joints to vertical members are tightened at the end of the 
construction stage (after permanent loads are applied on building). In this context, an 
outrigger-belt becomes a redundant structural system in an accidental loading scenario. This 
could be included in the design of a building against the loss of a column, since it is 
originally designed for resisting lateral force alone. The building is designed for reduced 
gravity load in an accidental loading scenario, which has no lateral load (e.g. “dead load + 
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0.25 live load”, according to GSA guidelines). The structural beneficial effect of the 
outrigger-belt truss is investigated here using the alternate path approach considering single 
column loss.  
 
The aforementioned ten-storey centre core braced simple frame is chosen to investigate the 
performance of an outrigger-belt trussed building response under accidental load. The 
perimeter column (D6), internal column (E5) and corner column (F6) are removed one at a 
time as per GSA guidelines. A single storey height outrigger-belt truss is introduced at the top 
floor level in a centre core building (called outrigger-hat truss in this case). All the internal 
truss web members are W14x90 and they are in a cross form (X). Figure 8.21 shows the 
outrigger-belt truss on a ten-storey centre core building. All the column-to-beam and beam-
to-beams joints are three-bolted fin plate joints. The outrigger-belt truss members are pinned 
connections with columns and core wall. Figures 8.22 to 8.24 show the vertical deflection 
response of a building frame due to loss of (a) an internal column, (b) a corner column and 
(c) a perimeter column. Figure 8.26 shows the outrigger-belt truss and deformed view under 
internal column loss. The results demonstrate that the outrigger-belt truss reduces the frame 
vertical deflection significantly under column loss and improves the progressive collapse 
resistance of the building frame. Special care is required in the case of internal column loss, 
since there are some regions (e.g. columns B2, E2, B5 and E5) not directly connected with 
the outrigger truss or belt truss. Therefore, the loss of an internal column in these regions may 
cause large vertical deflection, as compared to the deflection due to the loss of perimeter or 
corner columns (which are directly connected to the outrigger-belt truss). Floor slab and 
semi-rigid joint rigidity provide the resistance against loss of a column in these critical 
regions. The joint rigidity and axial tension resistance of conventional fin plates are weaker 
than those of end-plate joints. Column-to-beam joints of these critical regions should thus be 
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improved to avoid collapse due to internal column loss. Using end-plate column-to-beam 
joints, using modified fin plate column-to-beam joints and introducing Vierendeel trusses at 
certain floor levels are some possible means to enhance the progressive collapse resistance 
against the loss of column.  
 
An additional truss using tension rods (or cables) at the outrigger-belt truss level would 
enhance the progressive collapse resistance due to the internal column loss. For example, a 
cross type (X) truss comprising tie-cables provides a fast and effective way for new buildings 
and retrofit of buildings to improve their progressive collapse resistance. Figure 8.25 shows a 
typical building with outrigger-belt truss and cross tension cables at the roof. The additional 
tension cables should be effectively oriented (as shown above or in the other direction, which 
will be on grids B and E) based on span and load.  
 
 
                          
(a) Plan view                           (b) Front elevation view 



























Figure 8.22: Vertical deflection at column removed position due to internal column loss 
   
Figure 8.23: Vertical deflection at column removed position due to corner column loss 
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(a) Plan view                          (b) Elevation view along grid 5 
Figure 8.25: Core frame with outrigger-belt truss and additional tension cable truss 
                     
(a)  (b)  
Figure 8.26: (a) Core frame with outrigger-belt truss (b) deformed frame due to internal 
column loss  
8.8  Summary 
The numerical study concludes that simple braced frames are susceptible to progressive 
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the load. Various framing schemes and joint types are investigated to improve the progressive 
collapse resistance of the simple braced frames. An end-plate beam-to-column connection is 
proposed instead of a fin plate connection, due to greater initial rotational stiffness and 
moment resistance. Higher rotational restraints from end-plate connections reduce floor beam 
deflection and improve the progressive collapse resistance of a building. Axial tensile 
resistance of the end-plate connection is higher than the fin plate connection, which is 
required for large beam deflection. 
 
The Vierendeel truss (VT) may be introduced at certain floor levels in a multi-storey building 
to improve the robustness against the loss of critical column. The Vierendeel truss reduces 
the frame/beam deflection as much as 50%, compared to the frame without a Vierendeel 
truss. This innovative system can be used not only for new designs but also for retrofitting 
work, since only a certain floor is affected by converting the simple column-to-beam joints to 
rigid moment joints. 
 
The unavoidable construction gap in fin plate connection weakens the moment-rotational 
behaviour and leads to higher deflection, compared to the end-plate connection. Thus, a 
novel, modified fin plate connection is proposed to improve the joint response effectively. 
The proposed modified fin plate connection can be used for the column-to-beam joint to 
improve the progressive collapse resistance of a building frame. This innovative modified fin 
plate connection can be used for both new buildings and retrofitting purposes to improve the 
buildings’ progressive collapse resistance and robustness of building. 
 
The resistance of tall buildings against progressive collapse can be significantly improved by 
using an outrigger-belt truss system in the progressive collapse analysis, which is originally 
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designed for resisting lateral load only. Numerical studies show that the outrigger-belt truss 
reduces the frame vertical deflection significantly. A tension cable truss is then introduced at 
the outrigger-belt truss floor level to tie the internal columns and to avoid collapse of a 
building due to internal column loss caused by accidental loading.  
 
Simplified composite joint and composite slab models are adopted in the present studies to 
avoid detailed geometrical modelling of the structural components and to improve the 
computational efficiency of analysing large building frameworks. The computational time 
depends on finite element mesh size, material model, size of time increments, etc. The 
computation time could be reduced substantially with the use of the proposed composite joint 
and slab model in the frame analysis. The incorporation of a semi-rigid joint model and floor 
slab model in 3D frame analysis tends to produce a more realistic estimate of frame 
behaviour compared to a frame model using pin or rigid joints or a skeleton frame without the 
present of slabs. The collapse analyses are performed here using ABAQUS explicit solver 
with a desktop computer of one CPU (6-processors) and 12GB RAM. Computational time for 
a typical ten-storey steel-concrete composite building frame, which has five bays in each 





CONCLUSIONS AND RECOMMENDATIONS FOR FUTURE WORK 
9.1  Conclusions 
The following summarise this research work.  
1. A composite slab model is proposed to consider the contribution of a slab in resisting 
the progressive collapse of a three-dimensional (3D) composite building frame. A 
metal deck in a composite slab is represented by a rebar in a longitudinal direction 
and profile concrete is converted into equivalent a uniform concrete section. The 
proposed slab model avoids complicated geometric modelling of the metal deck 
profile and improves the computational time for analysing a large building frame. A 
simplified composite slab model predicts the building frame responses, reasonably 
well compared to the skeleton frame model. An analysis study shows that the slab 
reduces the frame deflection as much as 50%, compared to a steel frame model 
without a slab. This is because a floor slab significantly contributes to the overall 
resistance of a building frame by providing diaphragm action and developing 
membrane action through the floor reinforcement and metal decks (i.e. catenary 
action and arching effect form and enhance the overall resistance of a building frame). 
The floor slab also helps to prevent lateral torsional buckling of beam.   
 
2. A semi-rigid joint model based on a Eurocode 3-1-8 component model using a non-
linear connector is proposed to analyse a 3D composite frame. The connector 
behaviour can be represented by an axial force-displacement relationship and 
moment-rotation relationship. The proposed composite joint model avoids detailed 
finite element modelling of joint components and leads to overall improvement in 
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computational efficiency of analysing large building frames. The incorporation of a 
semi-rigid joint model in 3D frame analysis tends to produce a more realistic estimate 
of frame behaviour, compared to models using pin or rigid joints.   
 
3. Joint axial force-displacement and moment-rotation relationships could be 
analytically predicted using a Eurocodes component model. These relationships are 
required for the abovementioned proposed joint model, to define its behaviour. 
However, insufficient details are available in Eurocodes to predict fin plate 
connection responses analytically using a component method, and thus a component 
method for fin plate connection is proposed and verified with the available 
experimental results. The fin plate connection is commonly used for column-to-beam 
and beam-to-beam joints in a simple braced frame. The fin plate connection response 
is weaker than other connections and thus modified fin plate connection is proposed, 
to be used for column-to-beam joints to enhance the moment resistance and rotational 
stiffness. The proposed modified fin plate connection can be used for new and 
retrofitting purposes to enhance the joint response and robustness of a building.  
 
4. A dynamic assessment of composite buildings based on Plastic Hinge (PH) analysis, 
is proposed to predict the load-displacement response and collapse load of 3D 
composite buildings subject to column loss. A step-by-step elastic-plastic analysis is 
firstly performed, by tracing the formation of a plastic hinge in a composite floor until 
a collapse mechanism is formed. Then the proposed plastic hinge approach is 
extended to predict the dynamic amplification factor (DAF). The composite building 
static and dynamic load-displacement response and collapse load could be predicated 
reasonably well, using both the proposed plastic hinge approach and dynamic 
amplification factor. The accuracy of the proposed plastic hinge approach is verified 
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by comparing the predicted results with those from the established test, and with 
numerical results available in the literature. This approach predicts the building 
response reasonably well with less computational effort, compared to the numerical 
analysis. It may be implemented in a spreadsheet program to predict the building 
response reasonably well, with less computational effort compared to full non-linear 
dynamic analysis. However, second order effect, compressive arching action, tensile 
catenary action and ductility considerations are not accounted in the proposed PH 
approach. 
 
5. Advanced analysis is performed for a surface blast to identify the possible damage 
elements in the building frame in addition to the conventional alternate path analysis. 
The US guideline TM-5-1300 is used to predict the blast pressure-time history acting 
on a building, based on an equivalent TNT charge detonated at a standoff distance. 
Advanced analysis shows that heavy blast loads may wipe out a series of 
columns/beams at once and heavy blasts may induce tremendous lateral force, which 
causes stability issues.  High blast pressure may also cause large lateral drift and 
significant damages to structural elements spreading over to several floor levels of the 
building. Generally, these widely spread damages cannot be captured accurately using 
the conventional alternate path (AP) approach. This study recommends that advanced 
analysis (scenario-base) should be performed in order to capture the true behaviour of 
buildings subject to extreme loading.  This approach is more sensible than the 
alternate path approach, checking the robustness of buildings based on the column 
removal concept. The present investigations conclude that the alternate path approach 
can be used in preliminary design, but advanced analysis is still required for the 
robustness design of multi-storey buildings.  
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6. The studies on robustness of 3D composite buildings conclude that simple braced 
frames are more susceptible to progressive collapse compared to moment resisting 
frames, which have higher redundancy to redistribute the load. Various framing 
schemes and joint types are investigated to improve the robustness of the simple 
braced frames. An end-plate beam-to-column connection is proposed instead of fin a 
plate connection, due to greater initial rotational stiffness and moment resistance. 
Axial tension resistance of an end-plate connection is also higher than a fin plate 
connection, which is essential for beams that have undergone large deflection. A 
Vierendeel truss (VT) may be introduced at certain floor levels in a multi-storey 
building to improve the robustness against the loss of a critical column.  This 
Vierendeel truss system can be used for new designs and is also applicable for 
retrofitting work, since only certain floors are affected due to the conversion of simple 
joints to rigid joints.  Furthermore, the proposed modified fin plate connection can be 
used for the column-to-beam joint to improve the robustness of a building frame. The 
modified fin plate connection can also be used for both new building and retrofitting 
purposes. Progressive collapse resistance of tall buildings will also be improved by 
making use of an outrigger-belt truss, which was originally designed for resisting 
lateral load. The proposed tension cable truss will be adopted at the outrigger-belt 
truss level to enhance the collapse resistance against internal column loss, where the 







9.2  Recommendations for future work 
The following areas for future work are recommended. 
1. Study the partial composite beam response against the full composite beam in 
the robustness analysis of a composite building:  
Detailed modelling of the non-linear behaviour of a composite slab for a 3D building 
is rather difficult and involves other structural components including interaction 
between floor beams, slab and beam-to-column joint behaviour.  Also, it requires 
much computational time to capture the non-linear interaction between each 
composite slab and beam components.  The floor slab is a vital element of the 
building and past research shows that it contributes considerably to the resistance of 
progressive collapse. In this research study, a simplified composite slab model is 
considered to avoid detailed geometric modelling of the composite slab and to reduce 
the computational cost.  In addition, full composite action is assumed between the 
slab and beam to avoid the complicated interaction behaviours mentioned above. 
However, a composite beam is not always designed for full composite action and a 
partial composite beam induces higher slip, large deformations and premature failure 
compared to the full composite beam. Therefore with the simplified slab model, it is 
preferred to incorporate the partial composite action of the beam in the robustness 
analysis of the composite building.  
 
2. Experimental investigation of fin plate connection axial force-displacement and 
moment-rotational relationship: 
Many researchers have investigated the end-plate composite connection responses 
analytically and experimentally, under both positive and negative bending. However, 
fin plate composite connection response under action (force, moment) has not been 
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documented well in Eurocodes or literature. Simple shear tap (fin) connections are 
widely used for beam-to-column joints and beam-to-beam joints in a simple braced 
frame. Therefore, a wide range of column-to-beam and beam-to-beam fin plate 
connection responses are required to be investigated experimentally, under both 
sagging and hogging moments. The fin plate connection has to be investigated further 
for beam-to-column and beam-to-beam web/flange connection with and without 
stiffeners. Then, the component model can be proposed for future use rather than 
relying on the experimental results.      
 
3. Experimental investigation of the proposed modified fin plate connection for the 
robustness improvement of composite frames: 
Various framing schemes and joint types are investigated to improve the robustness of 
the simple braced frames. An end-plate beam-to-column connection is proposed 
instead of a fin plate connection, due to greater initial rotational stiffness and moment 
resistance. Higher rotational stiffness offered by end-plate joints reduces floor 
beam/frame deflection considerably and improves the robustness of buildings against 
collapse. The axial tension resistance of an end-plate connection is higher than a fin 
plate connection, which is required under large beam deflection. Also, modified fin 
plate connection is proposed for column-to-beam joints to enhance the joint response 
and to improve the robustness of building. This modified fin plate connection can be 
used not only for new design but also for retrofitting of existing buildings. The 
modified fin plate connection response under various configurations (with varying 
additional plate thickness, with or without column stiffeners, beam-to-column flange 
connection, beam-to-column web connection, single side joint, etc.) will be required 
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to be investigated experimentally. Then, a component model can be proposed instead 
of relying on experimental results in the future. 
 
4. Risk based approach for robustness design of buildings: 
A systematic risk assessment of buildings could be undertaken with consideration of 
both foreseen and unforeseen hazards for precise robustness analysis of building 
structures, as shown in Figure 2.6. Eurocode-1 requires an examination of the specific 
case to determine the level of reliability and the depth of structural analysis required 
for accidental load scenario for consequence class 3 (high consequences of failure as 
per Eurocode-1 classification). This may require a risk analysis and the use of refined 
methods such as dynamic analyses, non-linear models and interaction between the 
load and the structure.   Eurocode-1 annex B: 2006 provides some guidance for the 
planning and execution of risk assessment in the field of buildings and civil 
engineering. It is preferred to execute the risk-based robustness investigation rather 
than rely on conventional robustness design procedure. Most of the building classes, 
which are defined in Eurocode-1, may not require sophisticated robustness 
improvement and it may be uneconomic as well as time consuming. The probability 
of accidental events can be minimised economically with good risk assessment study, 
during the design stage, against progressive collapse. As a result, well planned and 
designed structures are risk free from any threats.  
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DETAILED CALCULATION ON ROBUSTNESS ANALYSIS AND 
DESIGN OF STEEL BUILDING 
A1.1 General 
Prescriptive design method for robustness design of steel building is performed using the BS 
5950-1(2000) and Eurocodes in this section (SCI (2003) and SCI (2011)). A nine-storey steel 
building, which is discussed in Chapter 5 (building frame details are given in Chapter 5), is 
chosen for the robustness design of steel building structure.  
A1.2  Robustness design of building using BS 5950-1(2000) 
In the first instance, check for integrity is achieved by ensuring that the five conditions listed 
in sub-clause 2.4.5.3 of BS 5950-1(2000) are satisfied. Where this is not possible, the 
designer must check that the removal of any individual member does not lead to 
disproportionate collapse as defined in BS 5950-1(2000). Finally, if the removal member 
would cause disproportionate collapse, this member must be designed as a key element. In 
practice, these checks must be carried out on all members to ensure adequate robustness 
throughout the structure. In this section, the checks are only performed on a typical secondary 
beam, an edge column and an internal column. The nine-storey building frame is shown in 
Figure A1.1. 
Un-factored loads on roof and floor are;  
Dead load (DL) = 23.6 x 0.09 = 2.124 kN/m2 
Live load (LL) = 1.9 kN/m2 
Un-factored cladding load = 19.7 kN/m (except roof) 
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Factored floor loads on secondary beams 
Edge beams load = [19.7x1.4 + 1.4x2.124x2.75/2 + 1.6x 1.9x2.75/2] x 9.75 = 349.52 kN 
Internal beams load = [1.4x2.124x2.75 + 1.6x 1.9x2.75] x 9.75 = 161.23 kN 
   
 
                          
 
Figure A1.1: Nine-storey simple braced frame elevation and plan view 
Factored floor loads on internal primary beams 
It is assumed that the entire slab loading is carried by secondary beams and then transferred 
to the primary beams as point loads. Therefore, the only loads applied to the primary beams 
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are the internal secondary beam reactions. Each internal primary beam supports two 
secondary beams. 
Total load per beam = 2 x 161.23 = 322.46 kN 
Member sizes 
The building frame members are designed based on the linear static analysis using ETABS 
software and beams are designed based on the non-composite action. Steel member are grade 
S355. Floor-to-floor height is 4.3m. Column gravity (compression due to 1.4DL+1.6LL) load 
is shown in Table A1.1. Member sizes are, secondary beams = W16x31; primary beams = 
W21x57; column size = W14x159 (ground to fifth floor) and W14x90 (sixth floor to roof). 
Storey Factored loads on column, D1 
(kN) 
Factored loads on column, D2 
(kN) 
Roof 288.6 519.7 
8 764.7 1039.4 
7 1260.8 1559.1 
6 1756.9 2078.9 
5 2259.1 2604.6 
4 2761.3 3130.3 
3 3263.4 3656.1 
2 3765.6 4181.8 
1 4267.7 4707.6 
Table A1.1: Ultimate column loads for load case 1.4DL+1.6LL 
Checking of disproportionate collapse for building with fin plate beam-to-column 
connections 
Buildings should be designed to avoid disproportionate collapse, may be assumed to be 
satisfied, if the five conditions listed in 2.4.5.3 of BS 5950-1:2000 are met. It is assumed that 
fin plates are used for all beam-to-column connections. 
General tying    (BS5950-1:2000, Cl 2.4.5.3 a) 
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Horizontal ties should be arranged in continuous lines throughout each floor and roof level in 
two, approximately perpendicular directions. All members acting as ties and their end 
connections should be designed to resist a tensile force equal to the end reaction of the 
member under factored loads or 75 kN, whichever greater. 
Typical secondary beam 
The connection should be designed to resist the beam-to-column reaction in shear and then 
checked to ensure that it has an adequate tying capacity. 
Joint details: 228.6x101.6x9.5 mm fin plate, fy = 248.2 MPa, single lines of 3-M22 bolts with 
grade 8.8. 
Shear capacity of bolt group = psAs = 375 x (π/4x20^2) x 3 = 353 kN 
Plate shear capacity = 0.6psAs = 0.6x248.2x9.5x228.6 = 323 kN 
Basic requirement-1: Reaction <= Shear capacity 
Reaction under factored loads = 349.52 / 2 = 174.76 kN 
Shear capacity = 323 kN 
Therefore the shear capacity is adequate. 
Basic requirement-2: Tying force <= Tying capacity 
Required tying force = 174.76 (> 75 kN) 
Tying capacity = 323 kN 
Therefore the tying capacity is adequate. 
Typical primary beam  
Joint details: 228.6x101.6x9.5 mm fin plate, fy = 248.2 MPa, single lines of 3-M22 bolts with 
grade 8.8. 
Basic requirement-1: Reaction <= Shear capacity 
Reaction under factored loads =322.46 / 2 = 161.23 kN 
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Shear capacity = 323 kN 
Therefore the shear capacity is adequate. 
Basic requirement-2: Tying force <= Tying capacity 
Required tying force = 161.23 kN 
Tying capacity = 323 kN 
Therefore the tying capacity is adequate. 
Tying of edge columns (BS5950-1:2000, Cl 2.4.5.3 b) 
Horizontal ties should be provided to hold the vertical perimeter columns in position. These 
ties should be capable of resisting a tying force, acting perpendicular to the edge, equal to the 
greater of 1% of the maximum factored vertical load in the column adjacent to that level 
specified in the general tying requirement. 
Consider the lowest level, where the load in the column is greatest. 
From the Table A1.1, the load in the column D1= 4267.7 kN 
1% of column load = 42.677 kN 
The tying force = 174.76 kN (calculated above) 
Therefore, the general tying requirement is not critical in this case. 
Continuity of columns (BS5950-1:2000, Cl 2.4.5.3 c) 
The column splices should be capable of resisting a tensile force equal to the largest factored 
vertical reaction applied to the column at a single floor level located between the column 
splice under consideration and the next column splice down. 
Basic requirement: Applied vertical floor load <= Column splice capacity 
Consider column D2 as a typical internal column. The factored vertical load applied to the 
column from each floor is 519.7 kN 
Floor load on column D2 = 519.7 kN 
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Consider the weakest splice in that column. Let say, two numbers of external 10mm thick 
cover plates are used for the splice joint, where plates are welded with 6mm continuous fillet 
welding all round (plate size is 350x350x10mm thick). 
Approximate splice capacity = 2x0.7x6x(220x350x4)/1000 = 2587.2kN; (for welding 
strength 220N/mm2) 
Therefore the column splice is adequate. However, column continuity is required for the 
simple construction. Therefore it is required to ensure the rigidity along the columns.  
Resistance to horizontal forces (BS5950-1:2000, Cl 2.4.5.3 d) 
Condition (d) of clause 2.4.5.3 states that there must be more than one system of stabilizing 
the structure in two approximately orthogonal directions. This shall be satisfied by provision 
of bracing bay at each direction. 
Heavy floor units (BS5950-1:2000, Cl 2.4.5.3 e) 
Heavy precast floor units are not used in this case and thus condition (e) of clause 2.4.5.3 
does not apply. If heavy precast floor units are used, the designer must ensure that they are 
sufficiently secure against dislodgement. 
Summary 
Having satisfied the five conditions in clause 2.4.5.3 of BS 5950-1:2000, it may be assumed 
that this building meets the requirements of the regulations for the avoidance of 
disproportionate collapse. If any of the first three conditions listed in clause 2.4.5.3 of BS 
5985-1:2000 are not satisfied, the building should be checked to ensure that the removal of 
any one column would not lead to disproportionate collapse. Collapse is said to be 
disproportionate, if at any given level it exceeds 15% of the floor or roof area of 70 m2. Let 
say, the removal of column D2 would lead to the collapse of section of floor measuring 
233 
 
16.5x19.5m, i.e. 321.75 m2. Therefore, there is a risk of disproportionate collapse and 
member should be designed as a key element using the accident loading specified in BS 
6399-1, i.e. 34 kN/m2. 
Key element design (BS5950-1:2000, Cl 2.4.5.4) 
The area to which the accidental loading applied is dependent on the type of cladding or floor 
decking and, in particular, its integrity under blast loading. In this case, it is assumed that 
there is a partitioning running between D1, D2, and D3, but none in the perpendicular 
direction. As the partitioning is not load-bearing, it is reasonable to assume that it is mostly 
blown out by the blast, leaving only a small section as shown in Figure A1.2. In this case, the 
breadth of the partitioning remaining after the blast is assumed to be B+200 mm. 
 





Figure A1.2: Typical column section for the key element design 
In the design of key elements, the accidental loading should be applied in all directions, but 
only in one direction at a time. This means checking column D2 in bending about both the 
major and minor axes. The ordinary dead and imposed loads must also be taken into account 
(there is no wind loading on column D2) and should be applied simultaneously with the 
accidental loading. However, the imposed load can be reduced to one third of its normal 
value for this check, with a γf factor of 1.05. The same γf should also be applied to the dead 
load, but the accidental load should not be factored. The calculations below relate to the 






Column section properties 
The size of the internal column between ground and first floor level is W14x159, grade S355. 
From section property tables: 
Depth (D) = 380.5 mm, width (B) = 395.4 mm, grade of steel = S355 
T = 30.2 mm > 16 mm 
Therefore py = 345 N/mm2 
BS design table is used with the simplification of W14x159 is approximately equivalent to 
356x 406x 235 kg/m. Section is plastic.  
Axial load 
For the purpose of key element design, the factored axial loads applied to the column by the 
roof and each floor level are as follows: 
Roof and floor column load = 1.05 x (2.124+1.9/3) x (9.75x8.25) = 232.89 kN 
Column self-weight = 4.3x5x0.2366 + 4.3x4x0.1473 = 7.62 kN 
Total factored axial load including self-weight = 1.05x7.62 + 9x232.89 = 2104 kN 
Major axis bending 
Loading 
The accidental loading about the major axis is applied to the section of partitioning shown in 
Figure A1.2. 
B = 395.4mm Therefore, the total loaded width = 595.4 mm 
Accidental loading = 0.5954 x 34 = 20.24 kNm 
The accidental load is applied uniformly along the column between ground and first floor 
levels, with the section of column between floors 1 and 2 unloaded. Although the column is 
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continuous across the support at floor level 1, it is a safe approximation to take the maximum 
moment as wL2/8, where L = 4.3 m. The actual moment will not be greater than this value. 
Mx= 20.24 x 4.32 / 8 = 46.78 kNm 
Bending 
Basic requirement: Mx <= Mcx 
Mcx= 1620 kNm, Mx= 46.78 kNm 
Therefore, the moment capacity is adequate. 
Basic requirement: Mx <= Mb/mLT  
LE= 4.3 m, Mb= 1599 kNm 
mLT is obtained from Table 18 of BS 5950-1:2000 according to the shape of the bending 
moment diagram. 
mLT = 0.925 
Mb / mLT = 1728.65 kNm 
Mx= 46.78 kNm 
Therefore, the buckling resistance is adequate. 















Agpy= 10300 kN 
Fc= 2104 kN 
There is no minor axis loading in this case so the third term in the equation can be ignored. 
= 2104 / 10300 + 46.78 / 1620 = 0.23 < 1 

















For LE = 4.3 m, Pcx = 9882 kN 
mx is obtained from Table 26 of BS 5950-1:2000. 
mx= 0.95 
pyZx = 1430 















mLT =  0.925 (Table 18, BS5950) 
For LE = 4.3m, Pcy = 8604 kN 
Mb = 1599 kNm 
MLT = 0.925 
2104 / 8604 + (0.925x46.78 / 1599) = 0.27 < 1 
Therefore, the column is adequate when subjected to the accidental load causing bending 
about the major axis. 
Minor axis bending 
Loading 
The accidental loading about the minor axis is applied to the column and an assumed 
thickness of partitioning, say 50mm. 
D = 380.5mm Therefore, the total loaded width = 430.5 mm 
Accidental loading = 0.4305 x 34 = 14.64 kNm 
Once again, assume the maximum moment is given by wl2/8 




Basic requirement: My <= Mcy (BS5950-1:2000, Cl 4.2.5) 
Mcy= 650 kNm 
Therefore, the moment capacity is adequate. 















Agpy= 10300 kN 
Fc= 2104 kN 
There is no major axis loading in this case so the second term in the equation can be ignored. 
2104 / 10300 + 33.84 / 650 = 0.256 < 1 















From above, the column resistance Pcx = 9882 kN 
The shape of the bending moment diagram is identical to that for major axis bending (even 
though the values are different). Therefore, my = 0.95 
pyZy = 542 kNm 















2104 / 8604 + 0.95 x 33.84 / 542 = 0.30 < 1 
Therefore, the column is also adequate when subjected to the accidental load causing bending 
about the minor axis. 
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A1.3  Design of building for robustness using Eurocodes 
In practice, the robustness checks must be carried out on all members to ensure adequate 
robustness throughout the structure. However, in this section, the checks are only performed 
on internal floor beams (primary and secondary), an edge column and an internal column. 
These columns are denoted D1 and D2 respectively in Figure A1.1. 
The composite floor system comprises steel decking spanning between the secondary beams, 
with a 120mm thick slab in grade C25/30 concrete. 
The floor loading is: 
Permanent action,    gk= 23.6x0.09 = 2.124 kN/m2 
Variable action,  qk=1.9 kN/m2 
Cladding load, 19.7 kN/m (except roof) 
Building classification (BS EN 1991-1-7, Table A1) 
Office buildings greater than four storeys but not exceeding 15 storeys are classified as Class 
2b. The building is classified as class 2b; therefore there are three alternative methods that 
could be applied. They are (1) tying method (2) notional removal and (3) key element method 
For the tying method, horizontal ties and vertical ties should be provided. 
Horizontal ties (BS EN 1991-1-7, Section A.5) 
The required horizontal tie resistances are given by the following equations: 
Internal tie, Ti = 0.8 (gk + ψqk) s L   or 75 kN, whichever is the greater 
Perimeter tie, Tp = 0.4 ( gk + ψqk) s L or 75 kN, whichever is the greater 
where, gk = permanent action; qk = variable action; s = spacing of ties; L = span of the tie; 
Ψ = relevant factor Ψ1 or Ψ2. According to the NA to BS EN 1990, Ψ1 should be used and, 
for offices (Category B: office areas applies) Ψ1 =0.5. 
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Floor internal primary floor beam 
Ti = 0.8 (gk + ψqk) s L   or   75 kN, whichever is the greater 
Ti = 0.8(2.124+0.5x1.9)x9.75x8.25 = 197.8 kN 
The member, including its end connections, should be capable of sustaining a design tensile 
load of 197.8 kN. 
Floor internal secondary floor beam 
Ti = 0.8 (gk + ψqk) s L   or 75 kN, whichever is the greater 
Ti = 0.8(2.124+0.5x1.9)x2.75x9.75= 65.94 kN 
The member, including its end connections, should be capable of sustaining a design tensile 
load of 75 kN. 
Vertical ties 
Vertical ties should be: 
• provided in columns such that each column is tied continuously from the foundations 
to the roof level; 
• capable of resisting an accidental design tensile force equal to the largest design 
vertical permanent and variable load reaction applied to the column from any one 
storey. Such accidental design loading should be assumed to act simultaneously with 
permanent and variable actions that may be acting on the structures. 
Internal column 
Tv = (ξγggk + γqqk) s L   
where, gk = permanent action; qk = variable action; s = column spacing (direction 1); L = 
column spacing (direction 2); ξ = reduction factor for unfavourable permanent actions, ξ = 
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0.925; γg = partial factor for permanent actions, γg = 1.35; γq = partial factor for variable 
actions, γq = 1.5. 
Therefore, 
Tv = (ξγggk + γqqk) s L   
Tv= (0.925x1.35x2.124+1.5x1.9)x8.25x9.75 = 442.59 kN 
The column splices should be capable of sustaining a design tensile load of 442.59 kN. 
Edge column 
The required tie resistance for an edge column splice is given by the following equation: 
Tv = ( ξγggk + γqqk) s L/2 
Tv = (0.925x1.35x2.124+1.5x1.9) x8.25x9.75/2 +0.925x1.35x19.7x8.25 = 424.25 kN 
The column splices should be capable of sustaining a design tensile load of 424.25kN. 
Additional structural provisions 
 The recommended additional structural provisions are concerned with: 
• Vertical bracing 
• Anchorage of heavy units 
Vertical bracing 
The braced bays should be distributed throughout the building such that, in each of two 
directions approximately at the right angles, no substantial portion of the building is 
connected to only one system for resisting horizontal force. 
Anchorage of heavy units 
The floor and roof slabs should be effectively anchored in the direction of their span, either to 
adjacent slabs over a support, or directly to their supports. 
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The anchorage should be capable of carrying the self-weight of the floor or roof unit. The 
composite floor slabs span 2.75m between the supports. For this case, it is assumed that their 
dead weight is equal to the floor permanent action, gk = 2.124kN/m2. The required anchorage 
at each slab support is calculated below. 
Required anchorage = 2.124x2.75/2 =2.92 kN per m width 
Using a properly anchored A142 mesh reinforcement (cross section area of 142 mm2/m and 
yield strength of 500 N/mm2) will provide a tensile anchorage resistance of 71 kN per m 
width. For robustness, the material partial factor for the accidental design situation may be 
used which is 1.0 for reinforcing steel. For the slabs spanning onto edge beams a suitable 
detail will be needed to anchor the floor slab directly to the edge beam. If edge beams are 
designed as composite with the use of welded shear studs, the anchorage requirements will 
generally be satisfied. If edge beams are designed as non-composite, welded shear studs may 
be used to provide the required anchorage. Alternatively, the shot fired pins that are used to 
connect the deck to the supporting steel work may be utilized. The resistance of a shot fired 
pin connection is dependent on the fixing used and decking thickness. For a shot fired pin 
connection with a resistance of 1.5 kN, sufficient anchorage is achieved for this case with 
shot fired pins spaced at 500mm along the beam. 
Notional removal method (BS EN 1991-1-7, Section A.8) 
The building should be checked to ensure that upon the notional removal of each supporting 
column and transfer beam (one at a time) the building remains stable and that any local 
damage does not exceed a certain limit. The limit of admissible local damage according to BS 
EN 1991-1-7, A.4 is 15% of the floor area or 100m2, whichever is smaller. For compliance 
with approved document A the lower limit of 70m2 should be applied. In this case, there are 
no beams supporting columns so only the notional removal of column sections needs to be 
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considered. In practice, the notional checks must be carried out on all columns to ensure 
adequate robustness throughout the structure. However, in this case, the checks are only 
performed on an edge column and an internal column. These columns are denoted D1 and D2 
respectively in Figure A1.1. It is assumed that the floor slab does not have any resistance to 
act as a cantilever or to hold up beams designed to support the slab. 
Internal column 
If column D2 was notionally removed, the primary beams C2D2 and D2E2 would collapse, 
leading to the collapse of the secondary beams, they support. The total floor area that would 
collapse, if column D2 were notionally removed = 8.25x2x9.75x2 = 321.75 m2, which 
exceeds the limit of 100m2. The area of collapse could be even greater than calculated, as the 
calculated value does not include the possible collapse of floor area on the storeys above, 
where the column section is notionally removed. Therefore, the notional removal approach 
cannot be used for internal columns in this building. The tying method or the key element 
design method should be applied to design for avoidance of disproportionate collapse. 
Edge column 
If edge column D1 was notionally removed, the edge primary beams C1D1 and D1E1 would 
collapse, leading to the collapse of the secondary beams, it supports. The total floor area, that 
would collapse, if column D1 were notionally removed = 8.25x2x9.75=160.875m2, which 
exceeds the limit of 100m2. The area of collapse could be even greater than calculated as the 
calculated value does not include the possible collapse of floor area on the storeys above the 
column section is notionally removed. Therefore, the notional removal approach cannot be 
used for edge columns in this building. The tying method or the key element design method 
should be applied to design for avoidance disproportionate collapse. 
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Key element method 
Floor and roof: Permanent action,  gk = 2.124 kN/m2 
Floor and roof: Variable action,  gk = 1.9 kN/m2 
Where the notional removal of columns or beams supporting columns would result in an 
extent of damage in excess of the limit, such elements should be designed as key elements. 
Key elements should be capable of sustaining an accidental design action of Ad applied in 
horizontal and vertical directions (in one direction at a time) to the member and any attached 
components. The recommended value of Ad for building structures is 34 kN/m2. In this case, 
there are no beams supporting columns, so only the key element design of column sections 
need to be considered. In practice, the key element design checks must be carried out on all 
columns to ensure adequate robustness throughout the structure. However, in this case, the 
checks are only performed on an internal column. 
Two loading cases are considered in this case and they are: 
• maximum accidental blast load over a partial width of wall 
• reduced accidental blast load over a fully loaded width of wall 
Internal column 
The area to which the accidental loading applied, is dependent on, what is attached to the key 
element and, in particular, its integrity under blast loading. In this case, there is partitioning 
running between columns. As the partitioning is not load-bearing, it is reasonable to assume 
that it is mostly blown out by the blast, leaving only a small section attached to the key 
element as shown in Figure A1.2. In this case, the breadth of partitioning remaining after the 
blast is estimated to be B+200 mm. In the design of key elements, the accidental loading 
should be applied in all directions, but only in one direction at a time. This means checking 
requires for the key element column in bending about both the major and minor axes. The 
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ordinary permanent and variable actions must also be taken into account and should be 
applied simultaneously with the accidental loading. However, the variable actions are 
reduced by applying factors ψ, as shown below. The key element design should also consider 
a reduced accidental action that corresponds to the blast resistance of the components (i.e. the 
partitioning) that are attached to the key elements. 
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 (A1.1) 
The calculations below relate to the column length between ground and first floor level. In 
practice, all levels should be checked. The column section for the first storey is 356x406 
(BxD) mm. The total column self-weight is 7.62 kN for the full height of the building. 
Actions 
Accidental action – maximum blast load 
Ad = Blast pressure x (B+200)/1000 x column height 
Ad = 34 x (395.4 +200)/1000 x 4.3 = 87.05 kN 
Maximum moment, MEd = 87.05 x 4.3/8 = 46.79 kNm 
Accidental action – Reduced blast load 
For this case, it is assumed that the partitioning can resist a blast loading of 2.0 kN/m2. At this 
loading, the whole of the partitioning remains attached to the key element. The total 
accidental load, applied to the key element is given by: 
Ad = Blast pressure x column spacing x column height 
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Ad = 2.0 x 9.75 x 4.3 = 83.85 kN 
Variable action 
In this case, there is only one variable action to consider. 
For office floor loading,  ψ1 = 0.5 
For roof loading,   ψ1 = 0 
Therefore, there is no contribution from the roof variable action. 
Design effect on column 
Bending moment 
The total accidental action is 83.85 kN with the lower blast pressure compared to 87.05 kN 
when the full 34 kN/m2 blast pressure is used. Therefore, the accidental action from the full 
blast pressure should be used to design the key element, as this will be the critical design 
situation. 
Maximum moment, MEd = 87.05 x 4.3/8 =   46.79 kNm 
Axial force due to permanent action 
NG,Ed   = Gk,j 
= floor permanent action x floor area supported x number of storeys + column 
self-weight 
Gk,j  = (2.124x8.25x9.75x9) + 7.62  = 1545.26 kN 
Axial force due to variable action 
NQ,Ed = ψ1,1 Qk,1 = ψ1,1 x floor load x floor area supported x number of storeys 
NQ,Ed = ψ1,1 Qk,1 = 0.5 x 1.9 x 8.25 x 9.75 x 9 = 687.74 kN 
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Total axial force, NEd = 1545.26 + 687.74 = 2233 kN 
The key element column must be designed to resist the following combined effects: 
Axial force, Nc,Ed = 2233 kN  and Major axis moment, My,Ed = 46.79 kNm  and ; 
Axial force, Nc,Ed = 2233 kN  and Minor axis moment, Mz,Ed = 46.79 kNm  
Calculation for the column design is not shown in this section.   
A1.4  Contribution of floor slab in resisting progressive collapse of building 
The floor slab contribution in resisting the progressive collapse of a building under column 
loss is reported in Chapter 5. Additional numerical results are reported in this section (this 
section is part of Chapter 5) and the findings are summarised in Chapter 5. 
A1.4.1 Floor slab contribution in redistributing the damaged column load  










(a)  Slab and beam distributes damaged column load (b) Beam distributes damaged column 
load 
Figure A1.3: Column marking for adjacent column for (a) frame with slab (b) skeleton frame 
Figure A1.3 shows the adjacent column markings (A, B and C) to illustrate the forces on 
adjacent columns due to the column loss. Maximum column loads above the removed column 
are summarised against the floor level for both perimeter column (PC) and corner column 











(a) Column load above the removed column due to perimeter column loss (+ve: tension) 
 















































       




(d) Column load above the removed column due to corner column loss (-ve: compression) 
 
Figure A1.4: Column load above the removed column due to perimeter column and corner 
column loss 
With respect of the column marking shown in Figure A1.5, adjacent column loads are 
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 (a)                                                                            (b) 
Figure A1.9: Beam marking for beam axial force and bending moment for (a) perimeter 
column loss (b) corner column loss 
With respect to the beam marking (monitoring points A1, A2, C1 and C2, each monitoring 
point is around 450mm away from the column centreline to represent the force at joint 
region) shown in Figure A1.9, beam axial forces are summarised in Figures A1.10 to A1.13 
and beam bending moments are summarised in Figures A1.14 to A1.17 for both perimeter 














































































 Figure A1.11: Maximum beam axial force at ‘A2’ due to (a) perimeter column loss 


























































































Figure A1.13: Maximum beam axial force at ‘C2’ due to (a) perimeter column loss (b) corner 
column loss 
















































Figure A1.14: Maximum beam bending moment at ‘A1’ due to (a) perimeter column loss (b) 














































Figure A1.15: Maximum beam bending moment at ‘A2’ due to (a) perimeter column loss (b) 












































Figure A1.16: Maximum beam bending moment at ‘C1’ due to (a) perimeter column loss (b) 















































Figure A1.17: Maximum beam bending moment at ‘C2’ due to (a) perimeter column loss (b) 



























DETAILED CALCULATION ON DYNAMIC ASSESSMENT OF 
COMPOSITE FRAME RESPONSE BASED ON PLASTIC HINGE 
ANALYSIS 
A2.1 General 
This section provides detailed calculation of comparison studies, which is reported in Chapter 
6 on dynamic assessment of composite frame response based on plastic hinge analysis. The 
detailed procedure and assumptions for the plastic hinge approach are reported in Chapter 6.  
 
The floor beams act compositely with the slab and the effective width of slab is calculated 
according to Eurocode-4.  Using the effective width of the slab, plastic moment resistance of 
the composite beam is calculated. Plastic hinges may be formed at the joints or the beam 
sections according to their plastic moment resistance with the assumption that they have 
sufficient rotation capacities for redistribution of forces. An energy equation is written by 
equating the external work done due to the applied load to the sum of the internal work done 
by the plastic hinges and the energy stored in the axial springs. Using this energy equation, 
the plastic hinge formation loads are calculated to predict the load-deflection response of the 
frame. It was also depicted in the verification study that the deflection at each plastic hinge 
can be calculated by taking into account the semi-rigid joint behaviour. However, the 
standard beam deflection formula is used in this study to predict the deflection at the 
formation of each plastic hinge.  An elastic-plastic hinge by hinge analysis is performed 
assuming that the structure is elastic between the two plastic hinges formation. Load 
distribution among the beams is taken as the basis of beam stiffness. The grillage system (the 
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composite beam forming a grillage) is assumed and the damaged column load is redistributed 
to the beams with their stiffness. Then, the deflection at the column loss position is calculated 
by simplifying the grillage as an individual beam.  Tensile catenary action will be present for 
the restraint beam/frame and the catenary action can be reasonably predicted using the 
proposed PH approach. The 2nd term on the right hand side of the equation (6.1) predicts the 
above beneficial effects.  Zolghadr-Jahromi et al. (2013) reported that the partial interaction 
in the composite beam was found to have negligible effect on the global response of 3-D 
frames and thus partial composite action of beam is not accounted for in the PH approach. 
The computational time for investigating the building frame response under column loss is 
still relatively long in view of the development of new powerful computers. Simplified 
numerical analysis also requires considerable computational time. The proposed plastic hinge 
approach consumes less computational time (about 30 minutes) compared to the numerical 
approach and it is a hand calculation (it can be implemented in a spread sheet). The results 
obtained using the plastic hinge approach is in reasonable agreement with the test/numerical. 
A2.2  Two-storey composite frames with end-plate beam-to-column connections 
The experimental study of two-storey end-plate connection steel frame with composite floor 
beam Wang and Li (2007) is investigated herein using the proposed PH approach. The 
building frame details are reported in Section 6.5.1. 
Calculation  
Beam 1 static load-deflection response is predicted using the proposed PH method. Equations 
and symbols used in this section are based on Eurocodes.  
Beam1 properties:  
HN 300x150x6.5x9 (Aa = 4680 mm2, Iy = 7210cm4, E = 210 kN/mm2, fy =304.5 N/mm2) 
Profile concrete:  
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hc = 64mm, hp = 76mm, fck = 20 N/mm2  
















120 +72100000 = 2.87x10
8 mm4 
Concrete compressive resistance, Rc 
Rc=	0.85 fckγ
c
beffhc	=	0.85 x (20/1.5)x1500x64/1000 = 1088 kN 
Steel beam resistance, Rs = fyAa = 304.5x 4680/1000 = 1425 kN 
Steel beam web resistance, Rw = fytw(ha-2tf) = 304.5x6.5x(300-2x9)/1000 = 558 kN 
Rs > Rc > Rw, Plastic neutral axis (PNA) is located at the flange of the steel beam. 
PNA depth from the top face of the slab, z 
z = (Rs – Rc) / (2fybf) + hc + hp = (1425-1088)/(2x304.5x150) + 64 + 76 = 140mm 
Mpl,Rd	=	Rs>0.5ha+0.5hc+hp?-0.5(Rs-Rc)(z+hp) 
            = [1425 (0.5x300+0.5x64+76)-0.5(1425-1088) x (140+76)]/1000 = 331 kNm 
Plastic cross-sectional resistance under the sagging moment is 331 kNm.  
Joint 1 and joint 2 (joints are denoted in Figure 7.4a) resistances are given as 125 kNm and 
175 kNm respectively. They are verified with Eurocodes. 
Moment resistance of joint = (125+175)/2 =150 kNm (averaged for the convenient) 
Composite joint resistance (=150 kNm) < Composite beam resistance (= 331 kNm) 
Therefore the 1st hinge will form at beam end (joint) and the 2nd and last hinge will form at 




For 1st hinge 
2P x δ = 2x150x (δ/1.7)  
P= 88.23 kN 
 
 
Figure A2.1: Sequence of plastic hinge formation at beam 
End-plate composite connection is relatively rigid. Therefore it is considered as rigid joint for 
simplicity. An un-cracked section second moment of area (I) is used since deflection is 
relatively small. 
Deflection of the fix ended beam with two point loads act at equal spacing is given by (it is 







Therefore 1st hinge will form at beam end at beam deflection of 1.41mm. 
For 2nd hinge 
2P x δ = 2x150x (δ/1.7) + 2x331x (δ/1.7) 
P= 282.9 kN, It will be the beam static collapse load  








Plastic hinge formation loads and corresponding displacements are summarised in Table 
A2.1. Deflection at 1st plastic hinge shall be calculated precisely by taking into account the 
semi-rigid end-plate connection response as semi-rigid joint beam deflection = (pin-pin ended 








rotational stiffness, which shall be calculated using Eurocodes. If the support moment (Mc) or 
rotation (θ) at 1st hinge formation step is known, corresponding semi-rigid joint beam 
deflection shall be calculated. GSA and DoD criteria for joint rotational limits are used to 
predict the beam deflection limit and then the allowable limits are compared with the 
proposed PH and numerical analysis results as summarised in Table A2.2. 
Total load (kN) Mid span deflection (mm) Remarks 
2x88.23 = 176.46 1.41  
2x282.9 = 565.8 21.09 Collapse load 
Table A2.1: Summary of loads and deflections at each plastic hinge 
Rotation limit for non-linear analysis for the steel frame connection are given as:  
• DoD : Partially restrained simple connection for simple shear tab and for primary 
beam: 0.0502-0.0015xdbg  rad ; dbg = depth of bolt group in inch 
• DoD : Partially restrained moment connection  for tension in bolt and for primary 
beam: 0.013  rad 
• GSA: Partially restrained connection : 0.015  rad 
Table A2.2: Summary of deflections limits 
A2.3  Collapse of composite floor under concentrated load 
The response of composite frame with fin plate connections subjected to middle column loss 
FEM study by Sadek et al. (2008) is investigated herein using the proposed PH approach. The 
building frame details are reported in Section 6.5.2. 
Calculation 
Acceptance criteria Beam deflection limit (mm) 
DoD : simple shear [0.0502-0.0015x (180/25.4)]1700 = 67.3 
DoD : partial moment 0.013x1700 = 22.1 
GSA 0.015x1700 = 25.5 
Numerical analysis (reported in Chapter 3) 33.3 
Proposed PH approach 21.09 
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Eurocodes are used to calculate the axial resistances and moment resistances of joints. Main 
beam is W16x26 and secondary beam is W14x22. Main beam-to-column joint hogging 
moment resistance (negative moment-concrete in tension) is 205kNm and sagging moment 
resistance (positive moment-concrete in compression) is 85kNm. For the convenient, 
secondary beam-to-main beam joint resistances is also taken as above regardless of profile 
deck direction with the assumption of main beam is sufficiently stiff and laterally restrained 
by adjacent floors. Insufficient details are available in Eurocodes to calculate the beam-to-
beam joint resistance as well as fin plate connection resistance.  Proposed fin plate 
connection component model (reported in Chapter 4) is used to calculate the fin plate 
resistances (moment and axial resistance). Fin plate connection is generally designed for 
shear (it is not designed to carry the moment). Therefore moment contribution by the fin plate 
connection is conservatively neglected to calculate the deflection at each step for simplicity.  
beff = L/4 = 6100/4 =1525mm (for main internal beam). It is used to calculate the joint 
resistance (effective slab width for secondary beam is 2285mm (=9140/4) > 1525mm). 
















120 + 125100000 = 4.89x10
8 mm4 
r = 0.022, Ic = 4.33x108 mm4 (for secondary beam) 
The sequence of plastic hinge formation is obvious, as shown in Figure A2.2. The sequence is 
identified based on the moment resistance of joint and load path (hogging moment resistance 
of joint is 205kNm and sagging moment resistance of joint is 85kNm).  Let say deflection at 










Figure A2.2: Sequence of plastic hinge formation in floor beam system 
For 1st hinge 
P x δ = 2x85x (δ/6.1);  P1= 27.87 kN 
As highlighted above that the moment (Mc) and joint rotational stiffness of fin plate 
connection are neglected in deflection calculation.  
Semi-rigid beam deflection = (pin-pin ended beam deflection) – (beam deflection of support 
moment, Mc) 
Concentrated load, P will be carried by beams along grid D and 4 by its stiffness ratio. 









































For 2nd hinge 






-0 = 8.02 mm 
 
 
Figure A2.4: View of secondary-beam C4D4 
For 3rd hinge 






Therefore deflection at column lost position = 2x11.23 = 22.46mm 
 
 
Figure A2.5: View of main-beam D3D5 
Plastic hinges H4 to H6 are formed at beam joints. Second moment of area for hogging 
moment is almost same as steel beam second moment of area for lightly reinforced cracked 
section.  
For 4th hinge 
P x δ = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14)) + 2x205x (δ/6.1); 











Secondary beam C4D4 
δ
P 





Figure A2.6: View of beam D3D5 
For 5th hinge 
P x δ = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14)) + 2x205x (δ/6.1) + 2x205(δ/9.14)  










Figure A2.7: Secondary-beam C4D4 
For 6th hinge 
P x δ = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14)) + 2x205x (δ/6.1)  
+ 2x205x (δ/9.14) + 4x205x (δ/2(9.14));  






-0 = 538 mm 
It is assumed that the building will collapse at this this deflection. Plastic hinge formation 
loads and corresponding displacements are summarised in Table A2.3. DoD criteria for joint 
rotational limits is used to predict the beam deflection limit and then the allowable limit is 
compared with the proposed PH result as summarised in Table A2.4. The DoD partially 
restrained steel frame simple connection (shear tab) non-linear analysis rotation limit is 








Secondary beam C4D4 
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Total load (kN) Mid span deflection (mm) Remarks 
27.87 6.16  
46.47 7.68  
65.07 16.12  
132.28 114.4  
177.14 286  
222 538 Collapse load  
Table A2.3: Summary of loads and deflections  
Table A2.4: Deflections limits 
A2.4  Collapse of composite floor under uniform floor load 
The same composite frame discussed above in Section A2.4 subject to uniform floor load 
FEM study by Alashker et al. (2010) is investigated herein using the proposed PH approach.  
The building frame details are reported in Sections 6.5.2 and 6.5.3.  
Calculation 
Fin plate connection (simple shear tab) is generally designed for shear (it is not designed to 
carry the moment). Therefore moment contribution by the fin plate connection is 
conservatively neglected to calculate the deflection at each step for simplicity. 
The sequence of plastic hinge formation is shown in Section 2.3. Let say deflection at D4 is 
δ. 
External work = 2(3.05x9.14xѠ) δ /2 + 4(3.05x9.14xѠ) δ /4 = 55.754 δ Ѡ 
For 1st hinge 
55.754 δ Ѡ1 = 2x85x (δ/6.1);  Ѡ1= 0.5 kN/m2 
As highlighted above that the moment (Mc) and joint rotational stiffness of fin plate 
connection are neglected in calculating the deflection of beam.  
Acceptance criteria Beam deflection limit (mm) 
DoD : simple shear [0.1125-0.0027x (152.4/25.4)]9140 = 880.2 
Proposed PH approach 538 
271 
 
Pin-pin support with uniformly distributed load on beam 
dmax=
5wL4
384EI -0  = 
0.63x5x9.14x0.5x(6100x2)4
384x210x4.89x108x1000
 = 8.1 mm 
 
 
Figure A2.8: Main-beam D3D5 
For 2nd hinge 
55.754 δ Ѡ2 = 2x85x (δ/6.1) + 2x85x (δ/9.14);  Ѡ2= 0.834 kN/m2 
dmax=
5wL4
384EI  = 
0.37x5x3.05x0.834x(9140x2)4
384x210x4.33x108x1000
 = 15.0 mm 
 
 
Figure A2.9: Beam C4D4 
For 3rd hinge 
55.754 δ Ѡ3 = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14));   
Ѡ3= 1.1658 kN/m2 
dmax=
5wL4
384EI  = 
0.37x5x3.05x1.1658x(9140x2)4
384x210x4.33x108x1000
 = 21.0 mm 
Therefore the deflection at column lost position is 42mm. 
 
 









Secondary beam C4D4 
δ
P 
Main beam D3D5 D5 D3 0.5δ 
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Plastic hinges H4 to H6 are formed at beam joints. Second moment of area for hogging 
moment is almost same as steel beam second moment of area for lightly reinforced cracked 
section. 
For 4th hinge 
55.754 δ Ѡ4 = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14)) + 2x205x (δ/6.1); 
Ѡ4= 2.371 kN/m2 
dmax=
5wL4
384EI  = 
0.63x5x9.14x2.371x(6100x2)4
384x210x1.25x108x1000
 = 150.0 mm 
 
 
Figure A2.11: Response of main-beam D3D5 
For 5th hinge 
55.754 δ Ѡ5 = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14)) + 2x205x (δ/6.1) + 
2x205(δ/9.14)  
Ѡ5= 3.175 kN/m2 
dmax=
5wL4
384EI  = 
5x3.05x3.175x(9140x2)4
384x210x0.825x108x1000




Figure A2.12: Response of beam C4D4 








Secondary beam C4D4 
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55.754 δ Ѡ6 = 2x85x (δ/6.1) + 2x85x (δ/9.14) + 4x85x (δ/2(9.14)) + 2x205x (δ/6.1) + 
2x205x (δ/9.14) + 4x205x (δ/2(9.14));  
Ѡ6= 3.982 kN/m2 
dmax=
5wL4
384EI  = 
5x(3.05+3.05/2)x3.982x(9140x2)4
384x210x0.825x108x1000
 = 1528.8 mm 
Total floor area = 9.14x2x6.1x2 = 223.016 m2 
Plastic hinge formation load and corresponding displacement are summarised in Table A2.5. 
DoD criteria for joint rotational limits is used to predict the beam deflection limit and the 
allowable limit is compared with the proposed PH result. It is summarised in Table A2.6. The 
DoD partially restrained simple connection (shear tab) non-linear analysis rotation limit for 
the steel frame connection is 0.1125-0.0027dbg radian (dbg = depth of bolt group in inch). 
Uniform load (kN/mm2) Total load (kN) Mid span deflection (mm) Remarks 
0.50 111.51 8.1  
0.834 186   15.0  
1.1658 260 42.0  
2.371 528.8 150.0  
3.175 708.08 812.7  
3.982 888.05 1528.8 Collapse load  
Table A2.5: Loads and deflections at each plastic hinge 
Table A2.6: Deflections summary 
A2.5  Collapse of composite floor due to perimeter column loss 
Vlassis et al. (2008) investigated the response of a composite frame subjected to a perimeter 
column loss. The building frame details are reported in Section 6.5.4 and the detailed 
calculation to obtain the load-deflection response of the building is provided in this section. 
Acceptance criteria Beam deflection limit (mm) 
DoD : simple shear [0.1125-0.0027x (152.4/25.4)]9140 = 880.2 




Second moment of area (Ic) of primary composite beam is calculated using EC4. 
Primary beam: UC 356x368x153 (Aa = 19500 mm2, Iy = 48600cm4, E = 210 kN/mm2, fy = 
355N/mm2) 
Profile concrete: hc = 70mm, hp = 60mm, Ecm = 27.3 kN/mm2 









Figure A2.13: Plan view and sequence of plastic hinge due to perimeter column loss 





















+ 486000000 = 10.42x108 mm4 
Secondary composite beam: 
Effective width of the edge secondary beam = 6000/8 = 750mm 
Effective width of the internal secondary beam = 6000/4 = 1500mm  



















































































For edge secondary beam, r = 0.09, Ic = 3.09x108 mm4 
Maximum moment resistance of the composite joint is calculated using given (refer to the 
literature) composite joint component model. 
Fin plate connection 
Tensile resistance of joint = 317 kN (given) 
Tensile resistance of bolt row = 317/3 = 105.67 kN  
Tensile resistance of rebar, Tr = Afy  
Effective width of the slab = 6000/4 =1500mm 
For 0.87 % rebar (approximately 60.9 mm2/m), Tr =460x1.5x60.9 = 42 kN 
For 1.12 % rebar (approximately 78.4 mm2/m), Tr =460x1.5x78.4= 54 kN 
For 2 % rebar (approximately 140 mm2/m), Tr =460x1.5x140= 96.6 kN 
Maximum moment resistance of fin plate connection for 1.12% reinforcement 
Refer to the composite component model shown in Figure A2.14a. 
At support = 105.67 (0.0716+0.1416+0.2116) +54(0.3966)  = 66.3kNm 
At internal joint = 105.67 (0.185+0.255+0.325) = 80.84kNm 
End-plate connection for 1.12% reinforcement 
Tensile resistance of joint = 224 kN (given) 
Tensile resistance of bolt row = 224/4 = 56 kN  
Effective width of the slab = 6000/8 =750mm 
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Deck is perpendicular to the beam. Therefore contribution from the deck is not considered. 
Maximum moment resistance of edge beam end-plate connection 
Composite joint component models are shown in Figure A2.14. Refer to the edge beam end-
plate composite connection component model shown in Figure A2.14b. 
                            
(a)                                      (b)                                     (c) 
Figure A2.14: Joint components for (a) internal beam fin connection (b) edge beam end-plate 
connection (c) primary beam end-plate connection (Izzuddin et al. (2008)) 
At support = 56 (0.0937+0.1637+0.2337+0.3037)+460x78.4x0.75 (0.4887)/1000 = 57.7 kNm 
At internal joint = 56 (0.185+0.255+0.325+0.395)  = 64.96kNm 
Maximum moment resistance of main beam end-plate connection 
Refer to the composite joint component model shown in Figure A2.14c. 
Effective width of the slab = 9875/4 =2469mm 
Deck is parallel to the beam. Assume the deck thickness is 0.9mm and yield strength is 275 
N/mm2. There is no any reinforcement contribution in resisting bending. 
Tensile resistance of deck = 0.9x2469x275  =611 kN 
Tensile resistance of joint = 438 kN (given) 
Tensile resistance of bolt row = 438/4 = 109.5 kN  
























Composite joint resistance for 1.12% reinforcement is summarised in Table A2.7. Total edge 
beam load and floor uniformly distributed load (udl) are summarised in Table A2.8. 
Beam Joint resistance at support Joint resistance at internal joint 
Secondary beam 66 kNm  81 kNm   
Edge beam 58 kNm 65 kNm 
Main beam 342 kNm NA 
Table A2.7: Composite joint resistance for 1.12% reinforcement 
Axially unrestrained beam  
Internal work done by plastic hinges for 1.12% reinforcement, 
H1: 2x58/6 = 19.33 kNm 
H2: 2x58/6 +2x65/6= 41 kNm 
H3: 41+2x66x (7.5/9.875)/6 = 57.71 kNm 
H4: 57.71+2x81x (7.5/9.875)/6 = 78.22 kNm 
H5: 78.22+2x66x (4.5/9.875)/6 = 88.24 kNm 
H6: 88.24+2x81x (4.5/9.875)/6 = 100.55kNm 
H7: 100.55+2x66x (1.5/9.875)/6 = 103.89 kNm 
H8: 103.89+2x81x (1.5/9.875)/6 = 107.99 kNm 
H9: 107.99+1x342/9.875= 142.62 kNm 
The frame is loaded with external façade load (99.6 kN/m) and floor load. There are two 
unknowns for load (area load Ѡ and facade load P) and an unknown for deflection in virtual 
work equation. Therefore façade load is considered as wholly applied at once and area load is 
incrementally applied to predict the static non-linear load deformation relationship. 
External work = 2x2.375/2x Ѡx1/2 + 2x (3/2+2.375/2) Ѡ x (7.5/9.875)x1/2 + 2x 3Ѡx 
(4.5/9.875)x1/2 +2x (3/2+1.5/2) Ѡ x (1.5/9.875)x1/2 + 8.3x12 
External work = 4.937 Ѡ+99.6 
Equate both internal and external work, 
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Hinges H1 to H5 form instantly because udl (Ѡ) become negative. That means plastic hinges 
H1 to H5 form instantly at initial loading stage. 
Total load on edge beam = 99.6 + Ѡx12x2.375/2 
Floor UDL Floor UDL (kN/m) Edge beam total load (kN) 
Ѡ6 0.1924 102.34 
Ѡ7 0.8689 111.98 
Ѡ8 1.6994 123.82 
Ѡ9 8.7138 223.77 
Table A2.8: Summary of edge beam loads and floor udl 
For 6th hinge 








Load on secondary beam along grid 3= (1-0.93)/2 = 0.035 
Propped cantilever is simulated to predict the deflection due to the hinges except the last 
hinge. Then deflection due to the uniform load is added with the above, which is considered 
as support settlement. Deflection due to last hinge is represented by deflection of a cantilever 
beam for the simplicity. End-plate composite connection is considered as relatively rigid joint 
(this assumption will lead to over predict the collapse load and under predict the collapse 






(a)                                                                        (b) 
Figure A2.15: (a) Floor beam with point loads for hinge H6 (b) typical propped cantilever 
beam 





Beam 2 Beam 3 
279 
 




P1= (99.6/2) + (2.375/2xѠx6) = 51.17 kN 














Beam 3 deflection;    Beam 3, dmax=
5x0.035x3x0.1924x12x(6000x2)3
384x210x4460x104
= 0.56 mm 




Both propped beams settlements are calculated. Maximum deflection of main beam tip 
displacement can be linearly interpolated. However both supports will oppose each other 
depending on the (beam) support stiffness and etc. Therefore it is complicated to calculate the 
actual deflection at tip due to both beam (beam 2 and beam 3) deflections. Hence maximum 
settlement is taken among them to calculate the maximum edge beam deflection. 
Deflection at column lost = 19.78 + 0.48 +0.42x (9875/1500) = 23.02 mm 





Figure A2.16: Floor beam with point loads for hinge H7 
P3 




Schematic line diagram of beam loads and supports are shown in Figure A2.16. 
P1= (99.6/2) + (2.375/2xѠx6) = 55.49 kN 
P2= (2.375/2+1.5)xѠx6 = 14.01 kN 






















Deflection at column lost = 56.83+ 7.64+ 2.46 + 3.96x (9875/1500) = 93.0 mm 
For 8th hinge 
Schematic line diagram of beam loads and supports is shown in Figure A2.17. 
P1= (99.6/2) + (2.375/2xѠx6) = 61.91 kN 
P2= (2.375/2+1.5)xѠx6 = 27.39 kN 






Figure A2.17: Floor beam with point loads for hinge H8 
P3 






55.99 x61.91=62.84 mm 
d1,p2=
7.64
14.01 x27.39=14.94 mm 
d1,p3=
2.46
15.64 x30.59=4.81 mm 








= 7.72 mm 
Deflection at column lost = 62.84+ 14.94+ 4.81 + 7.72 x (9875/1500) = 133.41 mm 






(a)                                                                          (b)       
Figure A2.18: (a) Floor beam with point loads for hinge H9 (b) typical cantilever beam 
Schematic line diagram of beam loads and supports are shown in Figure A2.18. 
P1= (99.6/2) + (2.375/2xѠx6) = 111.88 kN 
P2= (2.375/2+1.5)xѠx6 = 140.51 kN 
P3= 3xѠx6 = 156.85 kN 
P4= (1.5/2+1.5)xѠx6 = 117.64 kN 





1.5m 3m 3m 2.375m 






















Deflection at column loss = 164.12+ 133.19+ 60.78 + 5.67 = 363.76 mm 
Load and corresponding deflections are summarised in Table A2.9. 
Total load (kN) Mid of edge beam deflection (mm) Remarks 
102.34 23.02  
111.98 93.00  
123.82 133.41  
223.77 363.76 Collapse load  
 
Table A2.9: Summary of loads and deflections for 1.12% reinforcement                                                     
Axially restraint beam 
Calculation of compressive resistance of joint using Eurocodes 
Effective width of the column (reported in chapter 4), bf = bc+0.7 hc   
= 307.4+0.7x314.5 = 527.55 mm  
Tensile resistance, Ft = 224 kN 
Neutral axis depth from top, z = Ft / 0.85 fck bf  = 16.65 mm (Approximately, fck = 30 N/mm2) 
Compressive resistance = 224 + 0.85 fck bf  z = 448 kN 
Bolt edge distance = 40 mm 
In this verification study, bolt edge distance of 40mm is taken to calculate the internal work 
contribution by axial deflection.  
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Internal work done by plastic hinges for 1.12% reinforcement, 
Work contribution by axial deformation (compressive force) = 2x448x40/1000 = 35.84 
H1: 19.33 + 2x448x40/1000 = 55.17  
H2: 41+35.84 = 76.84 
H3: 57.71+ 35.84 = 92.55  
H4: 78.22 + 35.84 = 113.06  
H5: 88.24 + 35.84 = 123.08  
H6: 100.55 + 35.84 = 135.39 
H7: 103.89 + 35.84 = 138.73  
H8: 107.99 + 35.84 = 142.83 
H9: 142.62 + 35.84 = 177.46  
External work = 4.937 Ѡ + 99.6 
Total load on edge beam = 99.6 + Ѡx12x2.375/2 





Edge beam total load 
(kN) 
Mid of edge beam deflection 
(mm) 
Ѡ4 2.726 138.44 14.46 
Ѡ5 4.756 167.37 114.12 
Ѡ6 7.249 202.89 154.97 
Ѡ7 7.926 212.55 171.28 
Ѡ8 8.756 224.37 447.37 
Ѡ9 15.771 324.34 599.21 
Table A2.10: Summary of loads and deflections at each plastic hinge 
2% reinforcement 
Maximum moment resistance of fin plate connection for 2% reinforcement; 
At support = 105.67 (0.0716+0.1416+0.2116) +64.4x1.5 (0.3966)  = 83.2kNm 
At internal joint = 105.67 (0.185+0.255+0.325) = 80.84kNm 
End-plate connection for 2% reinforcement 
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Maximum moment resistance of edge beam end-plate connection; 
At support = 56 (0.0937+0.1637+0.2337+0.3037) +64.4x0.75 (0.4887)  = 68.11 kNm 
At internal joint = 56 (0.185+0.255+0.325+0.395) = 64.96kNm 
Maximum moment resistance of main beam end-plate connection; 
At support = 109.5 (0.0517+0.1217+0.1917+0.2617) +611x0.4467  = 341.57 kNm  
Composite joint resistance is tabulated in Table A2.11.  
Beam Joint resistance at support Joint resistance at internal joint 
Secondary beam 83 81 
edge beam 68 65 
main beam 342 NA 
Table A2.11: Composite joint resistance for 2% reinforcement 
Internal work done by plastic hinges for 2% reinforcement, 
H1: 21.67 + 2x448x40/1000 = 57.51  
H2: 44.83+35.84 = 80.67 
H3: 61.84+ 35.84 = 97.68  
H4: 82.85+ 35.84 = 118.69  
H5: 95.15 + 35.84 = 130.99  
H6: 107.76 + 35.84 = 143.6 
H7: 111.86 + 35.84 = 147.7  
H8: 116.06 + 35.84 = 151.9 
H9: 150.69 + 35.84 = 186.53  
External work = 4.937 Ѡ+99.6 
Total load on edge beam = 99.6 + Ѡx12x2.375/2 









Edge beam total load 
(kN) 
Mid of edge beam deflection 
(mm) 
Ѡ4 3.867 154.70 10.80 
Ѡ5 6.358 190.20 60.93 
Ѡ6 8.912 226.59 101.38 
Ѡ7 9.743 238.44 292.50 
Ѡ8 10.593 250.55 440.23 
Ѡ9 17.608 350.51 660.50 
















COMPONENT MODELLING OF COMPOSITE JOINT USING 
EUROCODES 
A3.1 General 
This section is part of Chapter 4 and it briefly describes the Eurocodes component model and 
past research findings to calculate the joint stiffness, maximum resistance and rotational 
capacity. Detailed calculation for end-plate connection, fin-plate connection and modified 
fin-plate connection response are provided in this section and the results for these 
connections are discussed in Chapter 4. 
A3.2  Tensile resistance  
A3.2.1 Tensile resistance of concrete slab, Ft,slab  
The tensile resistance of reinforced concrete slab
 
is taken as smaller of tensile resistances of 
reinforcement and shear resistance of shear studs. The tensile resistance of wire mesh is 
excluded in the calculation because it is nominal and rather brittle nature. The tensile 
resistance of concrete and the beneficial effects of strain hardening of slab reinforcement are 
also neglected (Heong (2003)).  
A3.2.1.1 Tensile resistance of the reinforcement, Ft 
Tensile resistance of solid slab or composite slab, where deck profile run transverse to the 
beam is calculated as: 
 
V = 90WX,0 (A3.1a) 




V = 90WX,0 + 9WX, (A3.1b) 
where, Ar = area of reinforcement within the effective slab width; Ad = area of profile deck 
within the effective slab width; fy,r = yield strength of reinforcement; fy,d = yield strength of 
profile deck. 
A3.2.1.2 Shear resistance of the shear studs, Pstud  
The design shear resistance of a headed shear stud of solid slab is determined from the 
smaller of  
 *2 = 	0.8W,2 YZ2<4 [ (A3.2a) 
 *2 = 	0.29\2< ]W.7 .^ (A3.2b) 
where,    
\	 = 	0.2 Oℎ22 + 1P 									W`a	3 ≤ ℎ22 ≤ 4; 
\	 = 	1																																				W`a	 ℎ22 > 4; 
fu,stud = ultimate tensile strength of the material of the stud but not greater than 500 N/mm2; 
dstud = diameter of the shank of the stud ; fck = characteristic cylinder compressive strength of 
the concrete at the age considered of density not less than 1750 kg/m3; Ecm = secant modulus 
of elasticity of concrete; hstud = overall nominal height of the stud. 
In case of composite slab which consist profiled rib; P
stud
 should be multiplied by a reduction 
factor kl and kt depending on deck rib directions,  
 d" = 0.6Ye/ℎ![ fℎ2ℎ! − 1g 	≤ 1.0 (A3.3a) 
 
d = Y 0.7]2[ Y
e/ℎ![ fℎ2ℎ! − 1g 	≤ d (A3.3b) 
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where,  kl = reduction factor for profiled ribs parallel to the supporting beam; kt = reduction 
factor for profiled ribs transverse to the supporting beam; bo = mean width of the trough; hp = 
depth of profiled sheeting; kmax = limiting value from EC4-1-1, clause 6.6.4.2; Nstud = number 
of stud connectors in one rib at a beam intersection, not to exceed 2 in computations. 
A3.2.2 Tensile resistance of bolt, Ft,Rd  
Tensile resistance of bolt is calculated in accordance with EC3-1-8 clause 3.6 as: 
 
V, = d<W92 (A3.4) 
 
where,  fub = ultimate tensile strength of the bolt; As = tensile stress area of the bolt; k2 = 0.9, 
except countersunk bolt (countersunk bolt = 0.63). 
A3.2.3 Column web in transverse tension,	Ft,wcRd 
The design tensile resistance of an unstiffened column web is calculated as per EC3-1-8 
clause 6.2.6.3 as:  
 
V,h. = ie1jj,,h.kh.WX,h. (A3.5) 
where, i = reduction factor to allow for the interaction with shear in the column web panel; 
twc = column web thickness; fy,wc = column web yield strength; e1jj,,h. = effective width of a 
column in tension. 
When the unstiffened column web is reinforced by adding supplementary web plates 
(thickness ts), the design tension resistance depends on the throat thickness of the longitudinal 
welds connecting the supplementary web plates. The effective thickness of the web, tw,eff  can 
be taken as: 
– when the longitudinal welds are full penetration butt welds with a throat thickness a ≥ ts: 
for one supplementary web plate, tw,eff		=	1.5	twc	;	
for supplementary web plates on both sides , tw,eff		=	2.0	twc  
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– when the longitudinal welds are fillet welds with a throat thickness a ≥ ts / √2 then for either 
one or two supplementary web plates: 
 for steel grades S 235, S 275 or S 355, tw,eff = 1.4 twc
 
; 
 for steel grades S 420 or S 460, tw,eff = 1.3 twc 
A3.2.4 Beam web in tension, Ft,wbRd 
For bolted end-plate connection, the design tension resistance of the beam web shall be 
obtained using EC3-1-8 clause 6.2.6.8 as: 
 
V,h, =  e1jj,,hkhWX,h  (A3.6) 
where,  twb = beam web thickness; fy,wb = beam web yield strength; e1jj,,h  = effective width 
of a beam web in tension. 
A3.3  Compressive resistance  
A3.3.1 Beam flange and web in compression 
The design compression resistance of a beam flange and the adjacent compression zone of the 
beam web may be assumed to act at the level of the centre of compression. The design 
compression resistance of the combined beam flange and web is given by: 
 
V.,j, = 	.,(ℎ − kj ) (A3.7) 
where,  h = depth of the connected beam; tfb = flange thickness of the connected beam; Mc,Rd = 
design moment resistance of the beam cross-section, reduced if necessary to allow for shear. 
A3.3.2 Compressive resistance of the column web  
The design resistance of an unstiffened column web subject to transverse compression is 




V.,h. = idh.e1jj,.,h.kh.WX,h. but V.,h. ≤	idh.oe1jj,.,h.kh.WX,h. (A3.8) 
where, e1jj,.,h. = effective width of column web in compression; o	= reduction factor for 
plate buckling; dh.	= reduction factor and is given in clause 6.2.6.2. 
When unstiffened column web is reinforced by adding a supplementary web plate, the 
effective thickness of the web may be taken as 1.5 twc if one supplementary web plate is 
added or 2.0 twc if supplementary web plates are added to both sides of the web.  
A3.4  Shear resistance 
A3.4.1 Shear resistance of column web panel  
For both single-sided joint and double-sided joint in which the beam depths are similar, the 
design plastic shear resistance Vwp,Rd of an unstiffened column web panel  is obtained by: 
 ph!, = 0.9WX,h.9q.√3  (A3.9) 
In case transverse web stiffeners are used in both the compression zone and the tension zone, 
the design plastic shear resistance of the column web panel Vwp,Rd  can be increased by 
Vwp,add,Rd  : 
 ph!,, = 4	!",j.,2  but ph!,, ≤
2	!",j., + 2	!",2,2  (A3.10) 
where, Avc = shear area of the column; ds = distance between the centrelines of the stiffeners; 
Mpl,fc,Rd = plastic moment resistance of a column flange; Mpl,st,Rd = plastic moment resistance 
of a stiffener. 
A3.4.2 Shear resistance of bolt  
Shear resistance of bolt per shear plane is mentioned in EC3-1-8 clause 3.6 as: 
 
Vq, = \qW9 (A3.11) 
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where, A = tensile stress area of bolt As; αv = 0.6 for classes 4.6 , 5.6 and 8.8; αv = 0.5 for 
classes 4.8 , 5.8, 6.8 and 10.9. 
A3.5  Bearing resistance 
A3.5.1 Bearing resistance of bolt 
Bearing resistance of bolt is given as: 
 
V, = d%\Wk (A3.12) 
where, αb  = smallest of αd , fub/fu or 1.0. 
In the direction of load transfer 	\	is given for end bolts and inner bolts respectively,  
	\ = s%3/ 
\ = t%3/ − 0.25 
Perpendicular to the direction of load transfer, k1 is given smallest of the followings for edge 
bolts and inner bolts respectively, 
2.8 s</ − 1.7				`a			2.5 
	1.4 t</ − 1.7				`a			2.5 
where, fu = ultimate tensile strength of the steel on which the bolt bears; d = nominal bolt 
diameter; do = bolt hole diameter; p1, p2 = bolt spacing (refer EC3-1-8); e1, e2 = bolt edge 
distances (refer to EC3-1-8); t = thickness of component. 
A3.6  Bending resistance 
A3.6.1 Bending resistance of column flange 
The design resistance and failure mode of an unstiffened column flange in transverse 
bending, together with the associated bolts in tension, is taken as similar to those of an 
292 
 
equivalent T-stub flange as mentioned in EC3-1-8 clause 6.2.6.4, for each individual  and 
group bolt-row required to resist tension. In which prying forces may be developed. Method 1 
of EC3-1-8 Table 6.2 is used for the failure mode 1.  
Failure mode 1: complete yielding of the flange is given by equation A3.13a for without 
backing plate and by equation A3.13b for with backing plate:  
 Vu,%, = 4	!",%,v  (A3.13a) 
 Vu,%, = 4	!",%, + 2	!,v  (A3.13b) 
 	!",, =	0.25∑ w1jj,	 kj<WXxy/  (A3.13c) 
Failure mode 2: Bolt failure with yielding of the flange 
 Vu,<, =	2	!",<, + z∑V,v + z  (A3.13d) 
Failure mode 3: Bolt failure 
 Vu,{,	 =,V, (A3.13e) 
where, ∑V,  = total value of the design tensile resistance of all bolts in the T-stub; ∑ w1jj,	  
= value of ∑ w1jj	of mode i; n = emin but z ≤ 1.25v; tf, fy, Mpl,i,Rd, Mbp,Rd are refer to Table 
6.2, EC3-1-8; m ,emin are depicted in EC3-1-8. 
A3.6.2 Bending resistance of end-plate 
The design resistance and failure mode of an end-plate in bending, together with the 
associated bolts in tension is taken as similar to those of an equivalent T-stub flange for both 




A3.6.3 Bending resistance of flange cleat 
The design resistance and failure mode of a bolted angle flange cleat in bending, together 
with the associated bolts in tension, should be taken as similar to those of an equivalent T-
stub flange as mentioned in EC3 clause 6.2.6.6. The effective length leff of the equivalent T-
stub flange should be taken as 0.5ba. Where, ba is the length of the angle cleat. 
A3.7  Moment resistance  
Moment resistance of steel and composite joints may be calculated based on the EC3 and 
EC4 analytically.  
A3.7.1 Negative moment resistance 
Negative moment resistance is calculated by taking the moment for each tensile force 
component from the centre of compression. The location of centre of compression is 
mentioned in EC3-1-8 Figure 6.15. In case on fin plate (shear connection) steel joint, centre 
of rotation is taken as centre of bolt group, which is used to calculate the moment resistance 
of the steel joint. It is valid till the beam flange contact with the column (until gap closure). 
A3.7.2 Positive moment resistance 
Composite beam-to-column joint under the positive moment is different from its negative 
moment behaviour. In case of positive moment, bolt-row(s) will carry the tensile force. 
Required compressive force is calculated based on the effective width of the concrete and 
effective depth of the concrete under compression (Demonceau (2008)). Effective width of 
the concrete is taken as: 
 
e1jj,./ 	= 	 e. 	+ 	0.7	ℎ. (A3.14) 
where, bc = width of the steel column and hc = depth of the steel column. 
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The positive moment resistance of the composite joint can be calculated by multiplying the 
component forces with the respective lever arm. The tensile component forces are calculated 
by the same procedures as those for negative moment using Eurocodes and the compression 
resistance is taken bearing force developed by the column flange. When the connection 
consists of a number of bottom bolt rows, there is a possibility that the upper beam flange is 
also in compression in order to achieve force equilibrium. Since the slab that bears against the 
column offers high compression resistance, it is unlikely that the beam web will be in 
compression.  
A3.8  Initial rotational stiffness  
A3.8.1 Initial rotational stiffness under negative moment 
Initial rotational stiffness for the flush end-plate under negative moment is taken as the basis 
of Anderson and Brown (2001) to develop tri-linear moment-rotation behaviour. The non-
linear curve is linear up to two thirds of the moment resistance. The slope of the linear curve 
is taken as initial rotational stiffness. In case of axial force in the connected member does not 
exceed 5% of the design resistance of its cross-section, the rotational stiffness Sj of a beam-
to-column joint or beam splice, for a moment which is less than the design moment resistance 
of the joint, is obtained as: 
 
| = ^}1~< ∑ 1d
 (A3.15a) 
 
 = |,#|  (A3.15b) 
where, ki = stiffness coefficient for basic joint component i; z = lever arm; E = Young’s 
modulus; µ= stiffness ratio Sj,ini / Sj; µ = 1 if 	,	 ≤ 2/3	 ,	;		 = 	 @1.5	, 	,)⁄  if  
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2/3	 ,	 < 	,	 ≤		,	 ; 	,  = design moment; 	,	= design moment resistance; 
:	= refer from EC3-1-8 Table 6.8. 
A3.8.1.1 Column web panel in shear, k1 
Stiffness of column web panel in shear for both single-sided joint and double-sided joint in 
which the beam depths are similar is calculated as: 
for stiffened column web, k1 =  infinity; 
for unstiffened column web, 	d% = 0.389}  (A3.16) 
where, z
   
= lever arm from EC3-1-8, Figure 6.15; β
   
= transformation parameter from clause 
5.3; Avc = shear area of the column. 
A3.8.1.2 Column web in compression, k2 
Stiffness of column web in compression is calculated as: 
for stiffened column web, k2 = infinity; 
for unstiffened column web, d< =
0.7e1jj,.,h.kh..  (A3.17) 
where, dc = clear depth of the column web; twc = thickness of the column web; beff,c,wc = 
effective width calculated from clause 6.2.6.2 of EC3-1-8. 
When unstiffened column web is reinforced by adding a supplementary web plate, the 
effective thickness of the web may be taken as 1.5 twc , if one supplementary web plate is 
added or 2.0 twc , if supplementary web plates are added to both sides of the web.  
A3.8.1.3 Column web in tension, k3 
Stiffness of column web in compression is taken as: 
for stiffened welded connection, k3 = infinity; 
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for unstiffened or stiffened bolted connection with single bolt-row in tension or unstiffened 
welded connection, d{ =
0.7e1jj,.,h.kh..  (A3.18) 
where, beff,t,wc is the effective width of the column width in tension  from clause 6.2.6.3 of 
EC3-1-8. 
When the unstiffened column web is reinforced by adding supplementary web plates 
(thickness, ts), the design tension resistance depends on the throat thickness of the 
longitudinal welds connecting the supplementary web plates. The effective thickness of the 
web, tw,eff  can be taken as: 
– when the longitudinal welds are full penetration butt welds with a throat thickness a ≥ ts: 
for one supplementary web plate, tw,eff  = 1.5 twc  
for supplementary web plates on both sides , tw,eff  = 2.0 twc  
– when the longitudinal welds are fillet welds with a throat thickness a ≥  ts / √2 then for 
either one or two supplementary web plates: 
 for steel grades S 235, S 275 or S 355, tw,eff = 1.4 twc
 
 
 for steel grades S 420 or S 460, tw,eff = 1.3 twc 
A3.8.1.4 Column flange in bending, k4 
Stiffness of column flange in bending for a single bolt-row in tension is taken as: 
 d =
0.9w1jjkj.{
v{  (A3.19) 
where, leff  = smallest of the effective length from EC3-1-8 Tables 6.4, 6.5; m = defined in 
EC3-1-8 Figure 6.8; tfc = thickness of column flange. 
A3.8.1.5 End-plate in bending, k5 




0.9w1jjk!{v{  (A3.20) 
where, leff  = smallest of the effective length from EC3-1-8 Table 6.6; tp = thickness of plate; 
m = defined in EC3-1-8 Figures 6.10 and 6.11. 
A3.8.1.6 Flange-cleat in bending, k6 
Stiffness of flange-cleat in bending is calculated as: 
 d = 0.9w1jjk{v{  (A3.21) 
where, leff  = effective length of the flange cleat from EC3-1-8 Figure 6.12; ta = thickness 
angle cleat; m = defined in EC3-1-8 Figure 6.13. 
A3.8.1.7 Bolts in tension, k10 
Stiffness of bolts in tension for a single bolt-row is calculated as:  
 d% = 1.692  (A3.22) 
where, Lb = bolt elongation length, taken as equal to the total thickness of beam web, plate, 
half the sum of the height of the bolt head and the height of the nut; As = tensile stress area of 
bolt. 
A3.8.1.8 Bolts in shear, k11 
Stiffness of bolts in shear is calculated as: 
for preloaded bolt where the bolts have been designed not to slip into bearing at the load level 
concerned, k11= infinity;  
for non-preloaded bolt,  	d%% = 16z<W^y%  (A3.23) 
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where, dM16  = nominal diameter of an M16 bolt; E = Young’s modulus; nb = number of bolt-
rows in shear. 
A3.8.1.9 Bolts in bearing, k12 
Stiffness of bolts in bearing for each component j on which the bolts bear is calculated as: 
for preloaded bolt where the bolts have been designed not to slip into bearing at the load level 
concerned, k12 = infinity; 
for non-preloaded bolt, 	d%< = 24zddW^     (A3.24a) 
 d = d% = 0.25 s + 0.5	 ≤ 	d< (A3.24b) 
 d< = 0.25 t + 0.375	 ≤ 	1.25 (A3.24c) 
 
d = 1.5 ky% ≤ 	2.5 (A3.24d) 
where, eb = distance from the bolt-row to the free edge of the plate in the direction of load 
transfer; tj = thickness of that component; pb = spacing of the bolt-rows in the direction of 
load transfer. 
A3.8.1.10 Concrete in compression, k13                         
EC3-1-8 has not provided the stiffness coefficient for the slab under compression. 
Compression of concrete is one of the component to calculate the initial joint stiffness 
required under hogging moment. Therefore stiffness coefficient for the plate in bending under 
compression is re-arranged to represent the stiffness coefficient, k13 for the concrete 
contribution (Demonceau (2008)).  
 d%{ = .^]e1jj,./}.1.275^  (A3.25) 
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where, beff,com  = effective width of concrete under compression; E = elastic modulus; Ec = 
elastic modulus of concrete; zc = neutral axis depth from the slab top face. 
A3.8.1.11 Slab reinforcement in tension, ksr 
Stiffness of slab reinforcement in tension is calculated as mentioned in Figure A3.1. 
Configuration Loading Stiffness coefficient  
Single-sided - d2,0 = 92,03.6ℎ		 (A3.26a) 
Double-sided 




For joint with MEd,1: 





For joint with MEd,2: 




Figure A3.1: Slab stiffness coefficient (EC4-part1-1:2004) 
where, As,r = cross-sectional area of the longitudinal reinforcement in row r within the 
effective width of the concrete flange; h = depth of the steel section; β = transformation 
parameter (EC3-1-8:2005). 




The influence of shear stud slip on the stiffness of the joint is determined as stiffness 






2. = d2. −  − 11 +  ℎ22
 (A3.27b) 
  = ^2< 2^92 (A3.27c) 
  = @1 + )d2.w2<^  (A3.27d) 
where, hs = distance between the longitudinal reinforcing bars in tension and the centre of 
compression; ds = distance between the longitudinal reinforcing bars in tension and the 
centroid of the beam’s steel section; Ia = second moment area of the beam’s steel section;  Ea 
= modulus of elasticity of structural steel section; Es = design value of modulus of elasticity 
of reinforcement steel; l = length of the beam in hogging bending adjacent to the joint; N = 
number of shear connectors distributed over the length l; ksc = stiffness of one shear connector 
(100 kN/mm for 19mm diameter headed studs). 
A3.8.2 Effective stiffness of joints with two or more bolt in tension 
When there are more than one component in series effective stiffness coefficient keff,r for the 
row r is determined. In case of two or more row of components are in parallel, the basic 
components related to all of these rows are represented by a single equivalent stiffness 
coefficient keq.  
 





d1~ = ∑ d1jj,0ℎ00 }1~  (A3.28b) 
 }1~ = ∑d1jj,0ℎ0<∑d1jj,0ℎ0 (A3.28c) 
where, hr = distance between row r and the centre of compression; keff,r = effective stiffness 
coefficient for row r taking into account the stiffness coefficients ki for the basic components; 
zeq = equivalent lever arm; ki,r = stiffness coefficient representing component i relative to the 
row r. 
A3.8.3 Initial rotational stiffness under positive moment  
When a composite joint is subjected to positive moment, it behaves like an inverted steel joint 
with concrete slab in compression. The lever arm between tension and compression forces is 
smaller for composite joint under positive moment because the centre of compression is 
located in the concrete slab compared to the joint under negative moment, as shown in Figure 
A3.2. 
 





Figure A3.2: Lever arm z for flush end-plate connection for positive and negative bending  
A3.9  Rotation capacity  
There is no quantitative guidance on the prediction of rotation capacity in EC3-1-8 and EC4-
1-1. EC3-1-8 provides few basic requirements to satisfy. They are, guidance mentioned in 







value of the axial force NEd in the connected member does not exceed 5% of the design 
plastic resistance Npl,Rd of its cross-section. As an alternative, the rotation capacity of a joint 
need not be checked provided that the design moment resistance Mj,Rd of the joint is at least 
1.2 times the design plastic moment resistance, Mpl,Rd of the cross section of the connected 
member. 
A3.9.1 Rotational capacity of bolted joints 
EC3 mentions that the beam-to-column joint in which the design moment resistance of the 
joint, Mj,Rd is governed by the design resistance of the column web panel in shear, it may be 
assumed to have adequate rotation capacity for plastic global analysis, provided that d/tw ≤
	69ε (refer EC3-1-1). For joint with either a bolted end-plate or angle flange cleat connection 
may be assumed to have sufficient rotation capacity for plastic analysis, provided that both of 
the following conditions are satisfied: 
(a) The design moment resistance of the joint is governed by the design resistance of 
either column flange in bending or the beam end-plate or tension flange cleat in 
bending. 
(b) The thickness, t of either the column flange or the beam end-plate or tension flange   
cleat (not necessarily the same basic component as in (a)) satisfies: 
k ≤ 0.36W WX⁄  
A joint with a bolted connection in which the design moment resistance Mj,Rd is governed by 
the design resistance of its bolts in shear, should not be assumed to have sufficient rotation 
capacity for plastic global analysis. 
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A3.9.2 Rotational capacity of welded joints 
EC3-1-8 mentions as, the rotation capacity ΦCd of a welded beam-to-column connection may 
be assumed to be not less that the value given by the following expression provided that its 
column web is stiffened in compression but unstiffened in tension, and its design moment 
resistance is not governed by the design shear resistance of the column web panel: 
 ΦCd = 0.025 hc/hb (A3.29) 
where, hb = depth of the beam; hc = depth of the column. 
 
For unstiffened welded beam-to-column joint designed may be assumed to have a rotation 
capacity ΦCd of at least 0.015 radians. Due to the insufficient information available in 
Eurocodes, GSA (2003, Table 2.1) and UFC-DoD (2009, Table 5.2) guidelines joints rotation 
limit are used in verification studies.  
A3.10 Analytical investigation of semi-rigid joints response 
Semi-rigid joint behaviour is analytically investigated using Eurocodes, which is discussed in 
Chapter 4. The material properties and other relevant data is summarised in this section. Tri-
linear moment-rotation behaviour is considered in the verification study for end-plate and 
top-and-seat-and-web angle connections, as shown in Figure A3.3a. Initial rotational stiffness 
(Sj,ini) was used as the basis to develop tri-linear moment-rotation behaviour by Anderson and 
Brown (2001). Bi-linear moment-rotation response is derived for the fin-plate and modified 
fin plate connections using the Eurocodes component model, as shown in Figure A3.3b. 




















(a) Tri-linear moment-rotation response of end-plate connection (b) Bi-linear moment-
rotation response of fin-plate connection 


















(b) Rigid bar model of a joint 
Figure A3.4: Rigid bar model for joint 
F1;k1 F2;k2 F3;k3 Feff ; keff 
























For the verification study of single shear tab joints, ABAQUS is used to predict the multi-
segment moment-rotation relationship. As shown in Figure A3.4a, the joint component’s 
resistance and stiffness are firstly calculated using the Eurocodes component model and then 
effective stiffness and effective resistance are calculated for each row. The effective 
resistance and effective stiffness are represented by an axial spring in a two-rigid bar model 
for analysis in ABAQUS, as shown in Figure A3.4b. Based on the two-rigid bar model, the 
force-displacement response of the joint can also be obtained similarly as for the moment-
rotation response of the joint. The two-rigid bar model is further discussed in Section 4.2. 
A3.10.1  End-plate connection under flexural load 
End-plate connection moment-rotation response is discussed in Section 4.5.1. The material 
properties of test specimens are summarised in Table A3.1. 
 
 




Steel beam Column Rebar 
h 310.4mm h 203.2mm Size 12mm 
b 166.9mm b 203.2mm numbers 8 
tw 7.9mm tw 7.2mm area 904.78mm2 
tf 13.7mm tf 11mm fy,12dia 572 N/mm2 
Aa 6880mm2 Aa 5870mm2   
r 8.9mm r 10.2mm Bolt 
Wpl 846000mm3 d 160.8mm size 20mm 
Iy 117000000mm4 fy,web 277N/mm2 numbers 4 
fy,web 275 N/mm2 fy,flange 297 N/mm2 h1 260.9mm 
fy,flange 258 N/mm2   h2 43.15mm 
End plate     
width 175mm     
depth 330mm     
thickness 12mm     
fy 231N/mm2     
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Steel beam Steel column Rebar End plate 
h 310.4 h 203.2 Size 12 width 175 
b 166.9 b 203.2 numbers 8 depth 330 
tw 7.9 tw 7.2 area 904.7 thickness 12 
tf 13.7 tf 11   fy 231 
Aa 6880 Aa 5870 Size 16   
r 8.9 r 10.2 numbers 10 Bolts 
Wpl 846000 d 160.8 area 2010.6 size 20 
Iy 1.17E+08 fy,web 277   numbers 4 
fy,web 275 fy,flange 297 fy,12dia 572 h1 260.9 
fy,flange 258   fy,16dia 579 h2 43.15 
      fub 800 
      fyb 640 
 
(b) Test specimen SCCB2 (units are similar as above) 
 
Steel beam Steel column Rebar End plate 
h 310.4 h 203.2 Size 12 width 175 
b 166.9 b 203.2 numbers 8 depth 330 
tw 7.9 tw 7.2 area 904.7787 thickness 12 
tf 13.7 tf 11   fy 231 
Aa 6880 Aa 5870 Size 16   
r 8.9 r 10.2 numbers 10 Bolts 
Wpl 846000 d 160.8 area 2010.619 size 20 
Iy 1.17E+08 fy,web 277   numbers 4 
fy,web 275 fy,flange 297 fy,12dia 572 h1 260.9 
fy,flange 258   fy,16dia 579 h2 43.15 
      fub 800 
Concrete    Stud fyb 640 
fck 25   size 19   
Ecm 30500   numbers 14   
    Height 100   
    E 210   
    fu,stud 500   
 
(c) Test specimen SCCB4 (units are similar as above) 
Table A3.1: Material properties used for test specimens 
Steel beam Steel column Rebar 
h 310.4mm h 307.9mm Size 16mm 
b 166.9mm b 305.3mm numbers 10 
tw 7.9mm tw 9.9mm area 2010.6 mm2 




Table A3.2: Material properties used for test specimen CJ1 
A3.10.2  Single plate shear connection under bending 
A single plate shear connection moment-rotation relationship is derived under bending using 
the Eurocodes component model. The summary of material properties is given in Table A3.3. 
The results are discussed in Sections 4.5.3 and 4.5.4. 
Steel beam Steel column Bolts 
h 449.8mm h 356.1mm size 22mm 
b 152.4mm b 368.8mm numbers 4 
tw 7.6mm tw 11.2mm h1 76.2mm 
tf 10.9mm tf 18mm h2 0 
Aa 6660mm2 fy,web 355 N/mm2 h3 76.2mm 
fy,web 359 N/mm2 fy,flange 355 N/mm2 fub 827 N/mm2 
fy,flange 359 N/mm2   area 314 mm2 
Fin plate   e1 33mm 
depth 295mm   do,bolt hole 24mm 
thickness 9.5mm   e1/3d0 0.46 
fy 317 N/mm2   p1/3do-0.25 0.81 
fu 455 N/mm2   p1 76.2mm 
E 200 kN/mm2   e2 33mm 
    2.8e2/d0-1.7 2.15 
    fyb 634 N/mm2 
 
Table A3.3: Material properties used for single plate shear connection 
 
Aa 6880mm2 Aa 12300 mm2 Bolts 
r 8.9mm r 15.2mm size 20mm 
Wpl 846000mm3 d 246.7mm numbers 4 
Iy 117000000mm4 fy,web 403 N/mm2 h1 254.05mm 
fy,web 308N/mm2 fy,flange 387 N/mm2 h2 43.15mm 
fy,flange 284 N/mm2   fub 1000 N/mm2 
End plate Stud fyb 900 N/mm2 
width 175 size 19mm Concrete 
depth 350 numbers 24 Cyl.strength fck 25 N/mm2 
thickness 12 Height 100mm Ecm 30500 kN/mm2 
fy 265 N/mm2 E 205 kN/mm2 slab depth 120mm 
  fu,stud 500 N/mm2   
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Axial spring / axial type connectors of a bolt row 
Forces on axial springs of a bolt row are shown in Figure A3.5 and Table A3.4. 
 
 
Figure A3.5: Connection component of a row and effective spring 
 
Force component Force (Feff) (kN) Axial stiffness (k) 
Fin in bearing (fb) 75 0.75 
Bolt in shear (bs) 94 0.75 
Beam web in bearing (bws) 156 2 
 
Table A3.4: Axial spring force and stiffness 
Axial spring / axial type connector effective force-displacement relationship 
Effective axial force-displacement relationship of axial type connector (axial spring) is 
tabulated in Table A3.5. 





Table A3.5: Axial spring effective force-displacement response 
Slot type connector force-displacement relationship 
Slot type connector (allows to deform axially and restraint for vertical displacement) is 
defined at beam bottom flange to carry both the axial force and shear force, as shown in 
Figure A3.6. Force-displacement relationship of that spring (at beam bottom flange) is 
summarised in Table A3.6. It is assumed that the shear force does not affect the axial force-
fb;kfin bs;kbolt bwb;kweb Feff ; keff 
Bolt row springs Effective bolt row spring 
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displacement response of spring. Using the rigid bar shown in Figure A3.6, moment-rotation 
relationship is obtained using ABAQUS. 


















Figure A3.6: Rigid-bar model for analysing in ABAQUS 
A3.10.3  Single shear plate (fin) connection and modified fin plate connection 
The component model for fin plate connection and modified fin plate connection are 
proposed in Chapter 4 (section 4.3) and the material properties are summarised in Table 
A3.7.  
 
Steel beam Bolts  Web plate 
h 450mm size 19mm depth 230mm 
tw 8mm numbers 3 thickness 9.5mm 
fy,web 248.2N/mm2 h1 75mm fy 248.2 N/mm2 
  h2 0 fu 400 N/mm2 
  h3 75mm E 200 kN/mm2 














  area 227mm2   
  e1 40mm   
  do,bolt hole 20.6mm   
  e1/3d0 0.65   
  p1/3do-0.25 0.96   
  p1 75mm   
  e2 40mm   
  2.8e2/d0-1.7 3.74   
  fyb 634 N/mm2   
           
Table A3.7: Material properties used for fin plate and modified fin plate connection 
A3.10.4  Top-and-seat-and-web angle connections under flexural load 
The top-and-seat-and-web angle connection moment-rotation relationship is derived using the 
Eurocodes component model (discussed in section 4.5.5). The material properties of the 
specimen is summarised in Table A3.8.  
 
Steel beam Steel column Rebar 
h 251.28mm h 260.15mm Size 13mm 
b 147.32mm b 255.64mm numbers 6 
tw 6.28mm tw 10.5mm area 793.95mm2 
tf 8.2mm tf 17.25mm E 192.97 kN/mm2 
Aa 3970mm2 Aa 11300mm2 fy,13dia 524 N/mm2 
r 7.6mm r 12.7mm Bolts-web 
Wpl 393000mm3 d 225.65mm size 22mm 
Iy 44100000mm4 fy,web 416 N/mm2 numbers 6 
fy,web 403N/mm2 fy,flange 397 N/mm2 fub 800 N/mm2 
fy,flange 394 N/mm2 Efla 201.43 kN/mm2 fyb 640 N/mm2 
Efla 191.14 kN/mm2 Eweb 200.36 kN/mm2 Stud 
Eweb 208.87 kN/mm2 Seat plate size 19mm 
Web plate leg-height 98.15mm numbers 6 
leg-height 88.9mm leg-length 150.84mm Height 100mm 
leg-length 88.9mm thickness 9.74mm E 210 kN/mm2 
thickness 9.74mm fy 345 N/mm2 fu,stud 500 N/mm2 
fy 241 N/mm2 E 206.71 kN/mm2 Bolts-top 
E 192.8 kN/mm2 Deck size 22mm 
Top plate width 750mm numbers 6 
leg-height 98.15mm slab dep 130mm fub 1000 N/mm2 
leg-length 150.84mm Bolts-seat fyb 800 N/mm2 
thickness 9.74mm size 22mm Concrete 
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fy 345 N/mm2 numbers 6 Cyl.strength 30 N/mm2 
E 206.7 kN/mm2 fub 1000 N/mm2 Ecm 32000 kN/mm2 
length 200mm fyb 900 N/mm2   
ra 12mm     
 



















ENHANCE THE PROGRESSIVE COLLAPSE RESISTANCE OF 
BUILDING FRAME USING VIERENDEEL TRUSS 
A4.1  Background 
The numerical analyses (reported in Chapters 5, 7 and 8) results show that simple braced 
frames are more susceptible to the progressive collapse compared to the moment resisting 
frames which has higher redundancy to redistribute the load. The methods to enhance the 
resistance of building against the progressive collapse are reported in Chapter 8. Additional 
numerical results are reported in this Appendix. Vierendeel truss (VT) is proposed at certain 
floor level in a multi-storey building to improve the progressive collapse resistance against 
the loss of critical column. It does not affect the building layout compared to conventional 
other type trusses, because top and bottom chords (horizontal members are floor beams) are 
only connected by vertical web (vertical members are columns) members. There are not any 
diagonal web members or additional members to affect the building layout. This VT system 
can be used not only for new design but also for retrofitting work, since only the affected 
floor needed to be modified by converting the simple column-to-beam joints to rigid moment 
joints. 
A4.2  Enhancement of progressive collapse resistance using Vierendeel truss (VT) 
As shown in Figure A4.1, 2D Vierendeel truss (VT) response is firstly investigated by 
applying a 2000kN point load at damaged column position. Axial force (in kN), bending 
moment (in kNm) and shear force (in kN) distributions in the VT by linear static (LS) 
analysis are shown in Figures A4.2 to A4.4. Due to joint fixity in VT, force distribution is not 
similar as conventional truss. This is because conventional truss members are mainly 
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designated to carry axial force. The VT generally redistributes the load within the affected 
bay’s members and thus the VT members (known as floor beams and columns) should be 
designed to carry for the required force. It is also preferred to maintain uniform steel section 
(same steel section size) at every floor level to avoid non uniform force distribution on both 
side of the damaged column (else, stiff member will attract more force compared to less-stiff 
member and then stiff member becomes susceptible to fail earlier than other). 
 
            
Figure A4.1: 2D Vierendeel truss response under column loss 
 
Figure A4.2: Axial force diagram of Vierendeel truss under column loss (unit-kN) 
 
Figure A4.3: Bending moment diagram of Vierendeel truss under column loss (unit-kNm) 


















Figure A4.4: Shear force diagram of Vierendeel truss under column loss (unit-kN) 
Then, two-dimensional (2D) and three-dimensional (3D) Vierendeel truss responses are 
investigated numerically using static and dynamic analysis. The ten-storey frame, which is 
discussed in Chapter 8, is simplified for the 2D investigations for the corner column and 
perimeter column loss analysis. The building frame details are reported in Chapter 8.  
A4.2.1  Progressive collapse analysis using two-dimensional building frame  
As shown in Figure A4.5, sub-frame along gridline-6 is chosen from aforementioned 3D 
frame for the progressive collapse analysis on 2D frame due to perimeter column loss and 
corner column loss. Steel section (beam and column) sizes in 2D frame are similar to 
Alashker et al. (2011). Except the reduced beam section (RBS), there are no other 
simplifications in the 2D building frame (i.e. RBS is not considered in this analysis).  
Mentioned simplifications in Chapter 8 are incorporated only in the 3D building frame. Slab 
contribution is avoided in the 2D frame but composite joint is taken into consideration in this 
2D analysis. The 2D frame with Vierendeel truss at the top floor level (roof) is shown in 
Figure A4.5. Linear static (LS) analysis is performed using ETABS software to illustrate the 
force distribution graphically in a convenient manner. The 2D frame is investigated here 
using linear static (LS) analysis and non-linear dynamic analysis (ND) since the linear static 
analysis is easy to perform and the non-linear dynamic analysis is complicated than other 
analysis cases. The linear static analysis does not consider the non-linear effect and dynamic 
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effect but non-linear dynamic analysis considers both non-linear and dynamic effect. The 
linear static analysis is performed using ETABS, which is easy to illustrate the force demand 
graphically compared to ABAQUS. The semi-rigid joint contribution is not accounted in the 
LS analysis using ETABS. The non-linear dynamic analysis is performed using ABAQUS 
and the semi-rigid joint contribution is considered in the ND analysis. Bending moment 
diagrams are shown in Figures A4.6 to A4.8 for different beam sizes. In case of different 
beam sizes are used at both side of the removed column, stiff beam carries more load 
compared to less-stiff beam and thus stiff beam and or corresponding column becomes 
susceptible to fail earlier than less stiff beam. Therefore it is preferred to use same beam size 
at both side of damaged column to avoid force or stress concentration at one side. The 
Vierendeel truss also helps to redistribute the damaged column load to adjacent columns 
more uniformly. Therefore incorporation of Vierendeel truss is not only improving the 
progressive collapse resistance of the building frame but also redistributing the damaged 








Figure A4.5: Elevation view of 2D frame with Vierendeel truss at the top floor level (roof) 
Vierendeel truss (VT) 
Column loss _ case 1 








            
 
Figure A4.6: Bending moment diagram for corner braced frame with Vierendeel truss at roof 
(different beam sizes are used at both side of the removed column) 







                             
 
 
Figure A4.7: Bending moment for corner braced frame with Vierendeel truss at roof level 
(same beam sizes are used at both side of the removed column) 







                            
 
 
Figure A4.8: Bending moment diagram of reference frame (all beams sizes are similar to 
literature) 
 




(a) Deflection for W27x94 floor beams       (b) Deflection for beam sizes as Figure 8.5b 
Figure A4.9: Maximum deflection at column removed position due to perimeter column D 
loss for linear static analysis 
 
Figure A4.10: Maximum vertical deflection at column removed position due to corner 
column F loss for linear static analysis for beam size W27x94 
where, 
mixed frame = one side of the beam-to-column joint is pinned/fin plate joint (depending on 
the analysis type mentioned earlier) and other side of the beam-to-column joint is rigid); VT 
= Vierendeel truss is introduced at roof level; pin = all the beam-to-column joints are pin-pin 
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Rigid = all beam-to-column joints are rigid; W27x94 = all the beams are W27x94 and else 
beams sizes are according to Alashker et al. (2011). 
 
Vertical deflection at the first storey column lost position using LS analysis due to the 
perimeter column (D) loss is shown in Figure A4.9. Less vertical deflection is observed in the 
mixed/rigid frame compared to the simple braced frame. The 2D pin jointed simple frame is 
unstable due to column loss and then Vierendeel truss (VT) is incorporated at the top floor 
level (roof) to investigate its structural beneficial effect on resisting progressive collapse. The 
2D frame vertical deflection at the first storey column lost position using LS analysis due to 
the corner column (F) loss is shown in Figure A4.10. Less deflection for the corner column 
loss is observed in the corner braced frame compared to other cases since diagonal braces 
also carry some of the damaged column load in addition to the VT.  
 
The floor slab is not modelled in the 2D frame and semi-rigid joint contribution in resisting 
progressive collapse is considered only in the non-linear dynamic analysis. The non-linear 
dynamic (ND) analysis results are summarized in Figures A4.11 and A4.12 for corner 
column (CC) and perimeter column (PC) loss. The 2D building frame is investigated for both 
with and without diagonal braces at both corners to represent the corner braced frame and 
core frame respectively. As mentioned, the 2D simple frame without VT is collapsed for both 
perimeter column and corner column loss. Then the VT is incorporated at the roof level to 
investigate its structural benefits in resisting collapse due to column loss.  As shown in Figure 
A4.11, vertical deflection of the 2D corner braced building frame with VT is less compared 
to the mixed frame due to the corner column loss. Similar response is observed in the 3D 
analysis. It clearly shows that the diagonal braces also help to redistribute the damaged 
column load. Moment frame vertical deflection is less compared to the deflection of simple 
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frame with VT at roof.   The moment frame is less susceptible to collapse compared to the 
simple braced frame, which has higher redundancy to redistribute the damaged column load. 
 
Vertical deflections of the frames at the first storey column lost position due to perimeter 
column loss are shown in Figure A4.12. The present 2D building frame analysis does not 
predict the Alashker et al. (2011) FEM response due to the avoidance of RBS (reduced beam 
section). It is vividly shown that the 2D frame with VT under perimeter column loss is 
susceptible to progressive collapse. However, 3D non-linear dynamic analysis results show 
that building frame is not susceptible to progressive collapse, since floor slab and load 
distribution in orthogonal directions are not accounted in 2D analysis. Therefore it is 
important to perform 3D building frame analysis for the robustness design of building. 
Numerical studies show that the mixed frame is not susceptible to the progressive collapse 
under perimeter column loss and corner column loss, which has higher redundancy to 
redistribute the damaged column load. 
         
Figure A4.11: Vertical deflection of 2D frame at column removed position due to corner 
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Figure A4.12: Vertical deflection at column removed position due to perimeter column loss 
where, 
simple frame = all the beam-to-column joints are fin plate connection; all other annotations 
are depicted earlier. 
Maximum column and beam bending moments (BM) are shown in Figures A4.14, A4.15, 
A4.17 and A4.18 for perimeter column (PC) and corner column (CC) loss. Column and beam 
markings are referred to Figures A4.5, A4.13 and A4.16. In case of different beam sizes are 
used at the both side of the damaged column, large moment is carried by stiff beam compared 
to less stiff beam and then the stiff beam and or the corresponding column becomes 
susceptible to fail earlier than latter case. In case of rigid joint (moment frame or mixed 
frame), less force demand have seen at the beam and column. This is because damaged 
column load uniformly distributed to all floor levels compared to the frame with VT at roof. 
Rigid joints are provided at certain level in later case (VT). Therefore much force attracted by 
that stiff VT system.  Bending moment and axial force generated by the sudden column loss 








0 1 2 3 4 5 6
3D FEM by Alashker et al. (2011)
2D Mixed frame
2D FEM by Alashker et al. (2011)
2D Mixed frame with beam W27x94





truss. This is because of the VT located at the roof (top floor) level, which has higher flexural 
stiffness and tends to attract more forces. The maximum forces (axial force and bending 
moment) generated on the floor beams due to column loss are found to be highest on the 
second storey level for frame without VT.  Maximum vertical deflection of frame occurs at 
1st storey column removed position. Bending moment significantly differs among the linear 
static and non-linear analysis result. The non-linear dynamic analysis with consideration of 
floor slab and semi-rigid joint is always preferred for the progressive collapse analysis and 
design of building structures. 
 
 
Figure A4.13: Column marking for 2D frame perimeter column loss 
      
Figure A4.14: Maximum beam and column moment for linear static analysis due to perimeter 
column loss 
where, beam CD = represents the maximum demand (maximum of sagging and hogging 




































     
Figure A4.15: Maximum beam and column moment for non-linear dynamic analysis due to 
perimeter column loss 
 
  
Figure A4.16: Column marking for 2D frame corner column loss 
                       
Figure A4.17: Maximum beam and column moment for linear static analysis due to corner 
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Figure A4.18: Maximum beam and column moment for non-linear dynamic analysis due to 
corner column loss with beam size W27x94 
A4.2.2  Progressive collapse analysis using three-dimensional building frame  
                 
(a)                                                    (b)                                              (c) 
Figure A4.19: Numerical models in ABAQUS for (a) corner braced simple frame (b) mixed 
frame (c) core braced simple frame (FE mesh is not shown) 
Figure A4.19 shows the numerical models in ABAQUS for corner braced simple frame, 
mixed frame and core braced simple frame (mesh size is not shown). The force distribution 
due to the sudden loss of column in terms of vertical reaction force generated on adjacent 



























MixedBeam moment (kNm) 
326 
 
shown in Figures A4.20 to A4.22 for internal column (MC) loss, perimeter column (PC) loss 
and corner column (CC) loss for mixed frame, corner braced frame and core braced simple 
frame. Adjacent column reactions for perimeter column loss, internal column loss and corner 
column loss are shown in Figures A4.23to A4.37. 
 
  
(a)                                                                   (b) 
Figure A4.20: Monitoring points for internal column loss (a) moment/braced frame (b) core 
braced simple frame 
 
 
(a)                                                               (b) 
Figure A4.21: Monitoring points for perimeter column loss (a) moment/braced frame (b) core 




































(b)               (b) 
Figure A4.22: Monitoring points for corner column loss (a) moment/braced frame (b) core 
braced simple frame 
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Figure A4.24: Column reaction R2 of frames due to perimeter column loss 
 
Figure A4.25: Column reaction R3 of frames due to perimeter column loss 
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I. Column reaction R2 is not affected by joint rigidity or type of bracing system, since 
column reaction R2 is not directly connected with the damaged column via floor 
beams.  
II. Column reaction R1 is not significantly affected by Vierendeel truss. This is because 
slab and fin plate connection help to redistribute the damaged column loads to 
surrounding columns. In addition, column reaction R1 is along the long span direction 
of beam compared to column reaction R3. 
III. Column reaction R1 is high in mixed frame since one side of the column-to-beam 
joint is rigid. Therefore more load is attracted towards rigid joint of the column. 
IV. Column reaction R3 is high in frame with Vierendeel truss compared to frame without 
Vierendeel truss, since Vierendeel truss distribute the damaged column load to 
surrounding columns and also column reaction R3 is in short span direction compared 
to column reaction R1. 
V. Significant difference in force demand before and after the column loss can be seen 
and thus structural members should be designed accordingly. 
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Figure A4.27: Column reaction R2 of frames due to internal column loss 
 
Figure A4.28: Column reaction R3 of frames due to internal column loss 
The following findings can be observed with refer to Figures A4.26 to A4.28. They are: 
I. Column reaction R2 is not affected by joint rigidity or type of bracing system, since 
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II. Column reaction R1 is not affected significantly by Vierendeel truss. This is because 
slab and fin plate connection help to redistribute the damaged column loads to 
surrounding columns. In addition, column reaction R1 is along the long span direction 
compared to column reaction R3. 
III. Column reaction R1 is high compared to the column reaction R3 since column 
reaction R1 is towards the short span direction compared to column reaction R3.  
IV. Significant difference in force demand before and after the column loss can be seen 
and thus structural members should be designed accordingly.  
 
The following findings can be observed with refer to Figures A4.29 to A4.31. They are:  
I. Column reaction R2 is not affected by joint rigidity or type of bracing system, since 
column reaction R2 is not directly connected with the damaged column via floor 
beams.  
II. Column reaction R1 is not significantly affected by VT. This is because slab and fin 
plate connection help to redistribute the damaged column loads to adjacent columns. 
III. Column reaction R1 is more in mixed frame compared to frame with Vierendeel truss 
since Vierendeel trusses are capable of redistributing the damaged column loads in 
both directions (longitudinal and transverse). The rigidly jointed beam in mixed frame 
can mainly redistribute the damaged column load in that rigidly jointed beam 
direction and thus more load is attracted to one side in mixed frame. 
IV. Corner braced frame reaction is the less compared to others, since bracings also 
redistribute the damaged column load to adjacent columns. 
V. Column reaction R3 in special moment frame is less compared to all since fin plate 




Figure A4.29: Column reaction R1 of frames due to corner column loss 
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Figure A4.31: Column reaction R3 of frames due to corner column loss 
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Figure A4.33: Beam bending moment at Point 1 of frames due to internal column loss 
 
Figure A4.34: Beam bending moment at Point 1 of frames due to corner column loss 
Bending moment and axial force at a point (Point 1: BM1, AF1) are only reported here. All 
the floor beams and columns are monitored to identify the critical members.  Beam bending 











































internal column loss and corner column loss. As shown in Figures A4.32 to A4.34, following 
findings can be drawn from this frame analysis. They are:  
I. Bending moments in frame without Vierendeel truss is less than that of frame with 
Vierendeel truss. This is because Vierendeel truss attracts more force due to its joint 
rigidity. For frame without Vierendeel truss, forces are distributed to all floor levels 
uniformly.   
II. Maximum moment in mixed frame is less compared to the frame with Vierendeel 
truss. The reason is, bending moment equally redistributed to all floor level in the 
mixed frame. 
III. Bending moment for the core frame is higher than that for the corner braced frame 
due to the location of the bracing system, which in this case is more effective for 
corner braced frame to resist collapse due to corner column loss.  
IV. Maximum bending moment is within the beam section’s and semi-rigid joint’s 
bending resistance for frame without Vierendeel truss. But the maximum moment 
reaches the moment resistance of the fin plate joint and hence depending on the joint 
ductility/rotational capacity, the joint may fail and this could trigger progressive 
collapse. If the floor slab and semi-rigid joint are not incorporated in the frame 
analysis, expected bending moment shall be higher than the obtained value and it will 
not predict the real building response under column loss (reported in Chapter 5). 
V. Significant difference in force before and after the column loss can be seen and thus 





Figure A4.35: Beam axial force at Point 1of frames due to perimeter column loss 
 














































Figure A4.37: Beam axial force at Point 1of frames due to corner column loss 
Beam axial force at Point 1 (AF1) is shown in Figures A4.35 to A4.37 for perimeter column 
loss, internal column loss and corner column loss. The following findings can be concluded 
from this frame analysis. They are:  
I. Beam axial force for frame without Vierendeel truss (VT), is less than the frame with 
VT. This is because VT attracts more force due to its joint rigidity. For frame without 
VT, damaged column load is distributed to all floor levels uniformly.   
II. Maximum axial force in mixed frame is less compared to the frame with Vierendeel 
truss. The reason is axial force (AF) is uniformly redistributed to all floor level in 
mixed frame. 
III. Axial force acting on the beam due to corner column loss is high for core frame than 
the corner braced frame because the corner bracing is effective in carrying damaged 






















IV. The axial tension force on the beam joint due to column loss is found to be higher 
than 75kN according to BS5950-1:2000 (or EC1-1-7). Therefore it is essential to 
perform progressive collapse analysis rather than rely on prescriptive tie force method 
for robustness design. Suitable joint type with sufficient axial tensile resistance should 
be provided to avoid catastrophic collapse due to column loss. High demand of axial 
tension force (and less bending moment) occurs under large frame deflection due to 
catenary action on beam. High demand of bending moment (and less axial force) 
occurs at small deflection of beam due to bending action. Conventional shear tab/fin 
connection may not be able to resist high tension force under large deflection.  
V. Significant difference in force demand before and after the column loss can be seen 












MATERIAL MODEL AND FAILURE CRITERIA 
 
A5.1  Background 
This Section provides the details of material properties and material model, which is adopted 
in the numerical analysis in Chapters 3 to 8. 
A5.2  Material model 
A5.2.1 Concrete 
Stress-strain relationship for concrete in compression is defined using Eurocode-2 approach 
and tensile behaviour of concrete is defined using linear relationship. Figure A5.1 shows the 
concrete damage behaviour under compression and tension. 
     
(a)                                                               (b) 
Figure A5.1: (a) Compression damage behaviour of concrete (b) tension damage behaviour of 
concrete (ABAQUS) 
A damage criterion is defined with simplified linear relationship for both tensile and 
compressive damage beyond the damage initiation according to the ABAQUS manual. 
Damage initiation point Damage initiation point 
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Reinforced concrete post failure behaviour generally gives the post failure stress as a function 
of cracking strain, ~.7. The cracking strain is defined as the total strain minus the elastic 
strain corresponding to the undamaged material; that is, ~.7 =  − 1" , where 1" = u ^  
and plastic strain for the tension is given by  





Plastic strain for the compression is given by, 





where,  dt = tensile damage parameter; dc = compressive damage parameter; σc = compressive 
stress; σt = tensile stress; Eo = compressive damage parameter. 
  = 1 −  /⁄              (A5.3a) 
 . = 1 −  .⁄              (A5.3b) 
A5.2.2 Steel  
Bi-linear stress-strain relationship with isometric behaviour is defined for steel section and 
steel components, such as reinforcement, metal deck, as shown in Figure A5.2. Strain 
hardening is used in few cases for the experimental validation purpose. The ductility 













 Figure A5.2: Stress-strain relationship of steel beam, column, metal deck and rebar 
Strain 
Stress 







Connectors allow to model mechanical relationships between two points (stopping 
mechanisms, internal friction, failure conditions and locking mechanism).  This is used to 
resolve the modelling problems in which two different parts are connected in some way. 
Figure A5.3 shows the typical crank mechanism modelled with the connectors.  
 













(a)  Axial force-displacement response        (b) Moment-rotation response 
 
Figure A5.4: Typical axial force-displacement and moment-rotation response of connection 
 
As reported in Chapter 3, connector element is used to represent the column-to-beam and 
beam-to-beam joint. The connector behaviour is defined by axial force-displacement and 
Compression 






















moment-rotation relationship, as shown in Figure A5.4. It is assumed in the verification 
studies as that the connection is failed at bolt edge distance of fin/end-plate. Where, Fy,t = 
tensile resistance at yielding; FRd,t = tensile resistance; Fy,c = compressive resistance at 
yielding; FRd,c = compressive resistance; My,sag = sagging moment resistance at yielding; 
MRd,hog = sagging moment resistance; My,hog = hogging moment resistance at yielding; MRd,hog 
= hogging moment resistance; Φu and Φu1 are rotational capacity under sagging and hogging 
moments, respectively. 
A5.3  Material model adopted in Chapter 3 
Material properties and material model adopted in Chapter 3 is summarised in this section for 
each verification studies.  
A5.3.1  Reinforced concrete two-way slab subject to flexural load  
The material model adopted in this verification study is summarised in Table A5.1. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined using linear relationship. Rebar response is 
defined using bi-linear stress-strain relationship without considering the strain hardening 
effect. Material failure criteria are not defined in this verification study. Concrete and steel 
Young’s modulus is 16400N/mm2 and 201000N/mm2, respectively. Concrete and steel 
Poisson’s ratio is 0.15 and 0.3, respectively. Density of steel is 7800kg/m3 and the density 
concrete is 2400kg/m3. Non-linear static analysis is performed over one-second using 







Concrete response under 
compression 










17.20 0 3 0 670 0 



















Table A5.1: Stress-strain relationship of concrete and rebar 
A5.3.2  Composite slab bending test 
The material model adopted in this verification study is summarised in Table A5.2. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Rebar and metal deck 
response is defined using bi-linear stress-strain relationship without considering the strain 
hardening effect. Material failure criteria are not defined in this verification study. Non-linear 
dynamic analysis is performed for twenty-seconds using displacement control. Concrete and 
steel Poisson’s ratio is 0.2 and 0.3, respectively. Density of steel is 7800kg/m3 and the density 
of concrete is 2400kg/m3. Young’s modulus of concrete specimens’ is calculated using 
Eurocode-2 and it is 32040N/mm2 for SP8 and SP5 and 30890N/mm2 for SP9. Further detail 
is reported in Section 3.3.2. 
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Specimen SP8  Specimen SP9  Specimen SP5 
Concrete under 
compression 




Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
14.00 0  12.40 0  14.00 0 
17.22 0.0002  15.89 0.0006  17.22 0.0002 
21.66 0.0004  19.89 0.0008  21.66 0.0004 
25.45 0.0006  23.26 0.0010  25.45 0.0006 
28.60 0.0008  26.00 0.0012  28.60 0.0008 
31.12 0.0010  28.14 0.0014  31.12 0.0010 
33.01 0.0012  29.66 0.0016  33.01 0.0012 
34.27 0.0014  30.62 0.0018  34.27 0.0014 
34.91 0.0016  30.99 0.0020  34.91 0.0016 
34.93 0.0018  30.79 0.0022  34.93 0.0018 
34.34 0.0020  30.04 0.0024  34.34 0.0020 
33.15 0.0022  28.73 0.0026  33.15 0.0022 
31.34 0.0024  26.89 0.0028  31.34 0.0024 
28.94 0.0026  24.51 0.0030  28.94 0.0026 
25.94 0.0028  21.61 0.0032  25.94 0.0028 
20.34 0.0031     20.34 0.0031 
        
Concrete under Tension  Concrete under Tension  Concrete under Tension 
Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
3.500 0  3.000 0  3.500 0 
3.155 0.0001  2.705 0.00009  3.155 0.000089 
2.810 0.0002  2.410 0.00018  2.810 0.000178 
2.465 0.0003  2.115 0.00027  2.465 0.000267 
2.120 0.0004  1.820 0.00036  2.120 0.000356 
1.775 0.0004  1.525 0.00045  1.775 0.000445 
1.430 0.0005  1.230 0.00054  1.430 0.000534 
1.085 0.0006  0.935 0.00063  1.085 0.000624 
0.740 0.0007  0.640 0.00072  0.740 0.000713 
0.395 0.0008  0.345 0.00081  0.395 0.000802 
0.050 0.0009  0.050 0.00090  0.050 0.000891 
 
(a) Concrete stress-strain response 
Deck(rebar in this case) 
response (isometric) 
 Deck(rebar in this case) 
response (isometric) 
 Deck(rebar in this case) 
response (isometric) 
Specimen SP8  Specimen SP9  Specimen SP5 
Flange  Flange  Flange 
Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
345 0  345 0  345 0 
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Web  Web  Web 
Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
173 0  173 0  173 0 
        
 
(b) Deck/rebar stress-strain  response 
Dynamic load application 
Total time (s) Amplitude 
0 0 
20 To maximum deflection as reported in Chapter 3 
 
(c) Amplitude function 
Table A5.2: Material stress-strain response and load amplitude for dynamic analysis 
A5.3.3  Composite beam behaviour under flexural load 
The material model adopted in this verification study is summarised in Table A5.3. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Material failure criteria are 
not defined in this verification study. Non-linear dynamic analysis is performed for ten-
seconds using load control. Concrete and steel Poisson’s ratio is 0.2 and 0.3, respectively. 
Density of steel is 7800kg/m3 and the density of concrete is 2540kg/m3. Young’s modulus of 
concrete is 30831N/mm2 and beam is 200000N/mm2. Young’s modulus of mesh, rebar and 
deck is 125000N/mm2 and shear stud is 170000N/mm2. Further detail is reported in Section 
3.3.3. 
CONCRETE CONCRETE MESH REBAR STUD 










10.66 0.0000 10.50 0.0000 587.86 0 390.47 0 
14.80 0.0002 14.54 0.0002 587.86 0.0038 390.47 0.0023 
18.23 0.0004 17.87 0.0004 611.65 0.0055 417.53 0.0027 
20.99 0.0006 20.53 0.0006 625.24 0.0077 432.61 0.0030 
23.14 0.0008 22.59 0.0008 628.64 0.0898 473.97 0.0149 
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24.72 0.0010 24.08 0.0010 
25.76 0.0012 25.05 0.0012 
26.30 0.0014 25.53 0.0014 
26.37 0.0016 25.56 0.0016 
26.01 0.0018 25.17 0.0018 
25.22 0.0020 24.38 0.0020 
24.06 0.0022 23.23 0.0022 
22.52 0.0024 21.73 0.0024 
20.64 0.0026 19.90 0.0026 
18.44 0.0028 17.78 0.0028 
15.93 0.0030 15.37 0.0030 









2.7835 0 2.6867 0 
1.9712 0.007 1.9026 0.007 
1.4219 0.014 1.3724 0.014 
1.0626 0.021 1.0256 0.021 
0.8312 0.028 0.8023 0.028 
0.5790 0.042 0.5588 0.042 
0.4444 0.056 0.4289 0.056 
0.3427 0.070 0.3308 0.070 
0.2517 0.084 0.2429 0.084 
0.1700 0.098 0.1641 0.098 
0.1004 0.112 0.0969 0.112 
0.0440 0.126 0.0425 0.126 
0 0.140 0 0.140 
 
(a) Concrete, mesh rebar and stud  response 
STEEL BEAM REBAR 12mm DECK 









307.09 0 335.82 0 583.22 0 500.70 0 
307.09 0.0024 335.82 0.002 583.22 0.0033 500.70 0.0037 
304.04 0.0273 335.12 0.023 586.52 0.0280 527.09 0.0044 
329.58 0.0340 360.83 0.027 603.49 0.0297 535.96 0.0059 
340.91 0.0398 377.9 0.032 603.76 0.0316 535.34 0.0454 
352.23 0.0465 392.12 0.036 614.22 0.0347 536.90 0.0450 
366.39 0.0541 406.28 0.042 617.94 0.0375 
377.71 0.0608 417.55 0.049 628.55 0.0417 
386.17 0.0695 431.64 0.056 632.35 0.0451 
394.61 0.0800 440 0.064 639.54 0.0487 
403.06 0.0896 451.11 0.076 643.53 0.0535 
411.52 0.0992 456.63 0.082 647.55 0.0585 
414.30 0.1068 462.11 0.09 651.69 0.0644 
419.91 0.1164 467.57 0.099 655.94 0.0711 
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419.84 0.1250 467.19 0.11 663.73 0.0793 
422.62 0.1326 472.46 0.125 668.05 0.0865 
425.39 0.1422 471.95 0.14 477.47 0.0890 
435.00 0.1499 474.25 0.158 665.12 0.0896 
435.00 0.1585 473.24 0.189 
430.87 0.1671 475.54 0.206 
433.63 0.1776 472.16 0.221 
433.56 0.1862 465.95 0.236 
433.50 0.1929 456.89 0.249 
430.59 0.2015 444.94 0.264 
430.51 0.2111 435.88 0.277 
430.42 0.2225 424.05 0.288 
424.66 0.2311 403.39 0.305 
421.74 0.2407 385.79 0.317 
418.83 0.2493 362.29 0.333 
410.20 0.2617 347.74 0.339 
404.42 0.2722   
392.97 0.2818   
387.21 0.2904   
378.63 0.2971   
370.04 0.3037   
 
(b) Beam, rebar and metal deck stress-strain relationship 
Dynamic load application 




(c) Time-amplitude function 
Table A5.3: Stress-strain relationship of material and time-amplitude function for dynamic 
analysis 
A5.3.4  Ribbed slab response under large deflection  
The material model adopted in this verification study is summarised in Table A5.4. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Material failure criteria are 
not defined in this verification study. Concrete and steel Young’s modulus is 30000N/mm2 
and 210000N/mm2, respectively. Concrete and steel Poisson’s ratio is 0.2 and 0.3, 
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respectively. Concrete density is 1917kg/m3 and steel density is 7800kg/m3. Non-linear 
dynamic analysis is performed for 500-seconds using load control. More details are reported 
in Section 3.3.4. 
Concrete under compression 




















Concrete under tension 




Rebar response (isometric) 




(a) Concrete and rebar behaviour 
Dynamic load application 




(b) Load-amplitude function 
Table A5.4: Material stress-strain relationship and load amplitude function 
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A5.3.5  Web-cleat connection response under flexural load 
The material model adopted in this verification study is summarised in Table A5.5. Material 
failure criteria are not defined in this verification study. Steel Young’s modulus is 
210000N/mm2 and Poisson’s ratio is 0.3. Density of the steel is 7800kg/m3. Non-linear static 
analysis is performed over one-second using displacement control. Further detail is reported 
in Section 3.3.5. 
Steel beam 
Stress (N/mm2) Strain 
344.80 0 
345.08 0.27 
Joint response (connector) 














(a) Beam and joint response 
Load application 




(b) Load amplitude function 
Table A5.5: Steel and joint model and time-amplitude response 
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A5.3.6  End-plate connection response under flexural load 
The material model adopted in this verification study is summarised in Table A5.6. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Material failure criteria are 
not defined in this verification study. Non-linear static and non-linear dynamic analysis is 
performed using displacement control. Steel density is 7800kg/m3 and the concrete density is 
2400kg/m3. Young’s modulus of steel and concrete is 210000N/mm2 and 36515N/mm2, 
respectively. Concrete and steel Poisson’s ratio is 0.2 and 0.3, respectively. Further detail is 
reported in Section 3.3.6. 
Steel joint, ES1  Steel joint, ES2  Steel joint, ES4 
Beam  Beam  Beam 
Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
321.30 0  321.30 0  321.30 0 
321.30 0.015  321.30 0.015  321.30 0.015 
434.90 0.333  434.90 0.333  434.90 0.333 
        
Column  Column  Column 
Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
300.60 0  300.60 0  300.60 0 
300.60 0.014  300.60 0.014  300.60 0.014 
424.10 0.372  424.10 0.372  424.10 0.372 
        
Joint (join + rotation)  Joint (join + rotation)  Joint (join + rotation) 
Elastic stiffness = 
3.59E+010 
 Elastic stiffness = 
5.38E+010 














24409100 0.00016  18518500 0.000157  9683100 0.000156 
28616200 0.00031  31144800 0.000313  17605600 0.000314 
33660200 0.00094  42087500 0.000783  27288700 0.000633 
37862300 0.00156  53030300 0.000939  36971800 0.000952 
43746400 0.00234  61447800 0.001409  42253500 0.001761 
46265100 0.00297  73232300 0.002192  50176100 0.002732 
49620600 0.00406  84175100 0.002975  57218300 0.003865 
52976000 0.00516  89225600 0.003601  61619700 0.004838 
55484900 0.00672  92592600 0.004227  66021100 0.006624 
57158500 0.00766  97643100 0.005323  69542300 0.008898 
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58827200 0.00906  101852000 0.006419  72183100 0.010847 
59657400 0.01016  106061000 0.008141  75704200 0.012959 
61331100 0.01109  110269000 0.010176  77464800 0.015234 
62998100 0.01266  114478000 0.011898  80105600 0.017346 
64666900 0.01406  117003000 0.014247  80985900 0.019947 
66333900 0.01563  119529000 0.016595  82746500 0.021735 
67157600 0.01734  121212000 0.01863  85387300 0.023034 
67982900 0.01891  123737000 0.020509  86267600 0.02596 
70493300 0.02031  126263000 0.022544  88028200 0.028073 
71318700 0.02188  128788000 0.024892  88908500 0.030999 
72984100 0.02359  130471000 0.027554  88908500 0.03295 
74649500 0.02531  132997000 0.030372  91549300 0.033599 
75469900 0.02734  135522000 0.033033  94190100 0.040101 
76290200 0.02938  135522000 0.036321  95070400 0.04254 
77959000 0.03078  134680000 0.039922  95950700 0.046279 
79612900 0.03359  135522000 0.040705  96831000 0.049693 
81279900 0.03516  138047000 0.041957  98591500 0.052131 
81260200 0.03703  138889000 0.044462  99471800 0.055708 
82077300 0.03938  139731000 0.048689  99471800 0.059285 
84584500 0.04109  140572000 0.050098  99471800 0.060911 
84563100 0.04313  140572000 0.054168    
84540100 0.04531       
86198900 0.04766       
87016000 0.05000       
88683100 0.05156       
       
(a) Material response 
Composite joint EZ1  Composite joint EZ2  Composite joint EZ3 
Concrete under 
compression 




Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
18.28 0  18.28 0  18.28 0 
19.62 0.0001  19.62 0.0001  19.62 0.0001 
25.10 0.0003  25.10 0.0003  25.1 0.0003 
30.01 0.0005  30.01 0.0005  30.01 0.0005 
34.31 0.0007  34.31 0.0007  34.31 0.0007 
37.98 0.0009  37.98 0.0009  37.98 0.0009 
40.98 0.0011  40.98 0.0011  40.98 0.0011 
43.28 0.0013  43.28 0.0013  43.28 0.0013 
44.84 0.0015  44.84 0.0015  44.84 0.0015 
45.62 0.0017  45.62 0.0017  45.62 0.0017 
45.57 0.0019  45.57 0.0019  45.57 0.0019 
44.65 0.0021  44.65 0.0021  44.65 0.0021 
42.81 0.0023  42.81 0.0023  42.81 0.0023 
39.98 0.0025  39.98 0.0025  39.98 0.0025 
36.13 0.0027  36.13 0.0027  36.13 0.0027 
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28.25 0.0030  28.25 0.0030  28.25 0.003 
        
Concrete under tension  Concrete under tension  Concrete under tension 
Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain  Stress 
(N/mm2) 
Strain 
3.2 0  3.2 0  3.2 0 
0.00 0.1  0 0.1  0 0.1 
        
Joint (join + rotation)  Joint (join + rotation)  Joint (join + rotation) 
Elastic stiffness = 
5.11E+010 












61664100 0.0008  79698000 0.00172  65033800 0.00094 
69267100 0.0010  87248300 0.00234  68412200 0.00140 
81939400 0.0013  108221000 0.00265  94594600 0.00203 
91235000 0.0018  126678000 0.00343  111486000 0.00234 
99682600 0.0019  135067000 0.00374  118243000 0.00265 
107286000 0.0021  138423000 0.00452  125000000 0.00343 
109826000 0.0027  141779000 0.00530  132601000 0.00468 
115748000 0.0037  146812000 0.00577  138514000 0.00608 
118298000 0.0052  154362000 0.00702  143581000 0.00733 
118310000 0.0063  158557000 0.00858  145270000 0.00858 
122541000 0.0071  165268000 0.01029  146115000 0.00982 
124244000 0.0084  166107000 0.01216  148649000 0.01045 
128470000 0.0087  170302000 0.01326  149493000 0.01201 
130174000 0.0101  171141000 0.01450  151182000 0.01326 
132728000 0.0120  174497000 0.01575  153716000 0.01388 
136127000 0.0140  177013000 0.01731  157095000 0.01528 
136147000 0.0159  178691000 0.01934  157095000 0.01747 
139539000 0.0171  177852000 0.02090  159628000 0.01918 
141235000 0.0177  181208000 0.02199  160473000 0.02074 
142947000 0.0199  182047000 0.02355  162162000 0.02246 
145491000 0.0209  182886000 0.02542  164696000 0.02433 
147186000 0.0215  182886000 0.02807  165541000 0.02698 
148890000 0.0229     167230000 0.02932 
148925000 0.0262       
 
(b) Joint response 
DECK 















(c) Deck and rebar response 
Dynamic load application 
Total time (s) Amplitude 
0 0 
5 To maximum displacement reported in Chapter 3 
 
(d) Load amplitude function 
Table A5.6: Material model and load amplitude function for numerical analysis  
A5.3.7  Steel-concrete composite frame behaviour under flexural load 
The material model adopted in this verification study is summarised in Table A5.7. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Steel response is defined 
using bi-linear stress-strain relationship. Material failure criteria are defined in this 
verification study. Non-linear dynamic analysis is performed for one-second using 
displacement control. Density of steel and concrete is 7800kg/m3 and 2400kg/m3, 
respectively. Further detail is reported in Section 3.3.7. 






       
(a) Young’s modulus of material 










377.50 0 304.50 0 295.45 0 377.50 0 
591.00 0.297   460.40 0.31 591.00 0.297 
       
(b) Material response 
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7.40 0 1.4385141 0 
8.89 0.0001 1.2996627 0.00009 
11.96 0.0003 1.1608113 0.00019 
14.31 0.0005 1.0219599 0.00028 
16.05 0.0007 0.8831085 0.00038 
17.27 0.0009 0.744257 0.00047 
18.05 0.0011 0.6054056 0.00057 
18.43 0.0013 0.4665542 0.00066 
18.48 0.0015 0.3277028 0.00076 
18.23 0.0017 0.1888514 0.00085 
17.72 0.0019 0.05 0.00095 
16.98 0.0021 0 0.00100 
16.03 0.0023   
14.90 0.0025   
13.60 0.0027   
12.15 0.0029   
10.56 0.0031   
8.85 0.0033   
7.03 0.0035   
5.11 0.0037   
3.09 0.0039   
0.99 0.0041   
       
(c) Concrete stress-strain response 














fracture strain stress tri-
axiality 
0 0 0 0 0.168 0.330 
0 0.0001 0.1 0.00009 0.158 0.400 
0 0.0003 0.19 0.00019 0.144 0.500 
0 0.0005 0.29 0.00028 0.129 0.600 
0 0.0007 0.39 0.00038 0.115 0.700 
0 0.0009 0.48 0.00047 0.103 0.800 
0 0.0011 0.58 0.00057 0.091 0.900 
0 0.0013 0.68 0.00066 0.081 1.000 
0 0.0015 0.77 0.00076 0.072 1.100 
0.01 0.0017 0.87 0.00085 0.064 1.200 
0.04 0.0019 0.97 0.00095 0.058 1.300 
0.08 0.0021 0.99 0.00100 0.052 1.400 
0.13 0.0023   0.047 1.500 
0.19 0.0025   0.043 1.600 
0.26 0.0027   0.039 1.700 
0.34 0.0029   0.035 1.800 
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0.43 0.0031   0.032 1.900 
0.52 0.0033   0.029 2.000 
0.62 0.0035   0.027 2.100 
0.72 0.0037   0.025 2.200 
0.83 0.0039   0.023 2.300 
0.95 0.0041   0.022 2.400 
    0.020 2.500 
    0.019 2.600 
    0.017 2.700 
    0.016 2.800 
    0.015 2.900 
    0.014 3.000 
       
(d) Concrete and steel damage model 
Dynamic load application 
Total time (s) Amplitude 
0 0 
1 100 
       
(e) Load-amplitude function 
Table A5.7: Material model and time-amplitude relationship  
A5.3.8  Composite plate girder behaviour under combined shear and bending  
The material model adopted in this verification study is summarised in Table A5.8. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Steel response is defined 
using bi-linear stress-strain relationship without considering the strain hardening effect. 
Material failure criteria are not defined in this verification study. Non-linear static and 
dynamic analysis is performed displacement control. Density of steel and concrete is 
7800kg/m3 and 2400kg/m3, respectively. Poison’s ratio of steel is 0.3 and concrete is 0.2. 
Young’s modulus of steel is 200000N/mm2 and Young’s modulus of concrete is 
21650N/mm2 for specimen CPG10 and 19580N/mm2 for specimen CPG8. Further detail is 




Specimen, CPG8 Specimen, CPG10 Steel 
Concrete under compression Concrete under compression 
  
Stress (N/mm2) Strain Stress (N/mm2) Strain Stress (N/mm2) Strain 
16.61 0 18.34 0 275 0 
18.75 0.0001 19.65 0.00010   
23.85 0.0003 25.14 0.00030   
28.34 0.0005 30.06 0.00050   
32.21 0.0007 34.38 0.00070   
35.43 0.0009 38.06 0.00090   
38.00 0.0011 41.08 0.00110   
39.88 0.0013 43.39 0.00130   
41.06 0.0015 44.96 0.00150   
41.52 0.0017 45.75 0.00170   
41.22 0.0019 45.71 0.00190   
40.15 0.0021 44.8 0.00210   
38.28 0.0023 42.96 0.00230   
35.59 0.0025 40.13 0.00250   
32.04 0.0027 36.27 0.00270   
27.62 0.0029 31.29 0.00290   
22.28 0.0031 25.13 0.00310   
16.00 0.0033 17.72 0.00330   
8.74 0.0035 8.96 0.00350   
      
Concrete under tension Concrete under tension   
Stress (N/mm2) Strain Stress (N/mm2) Strain   
2.700 0.0000 2.910 0.0000   
2.435 0.0001 2.624 0.0001   
2.170 0.0002 2.338 0.0002   
1.905 0.0003 2.052 0.0003   
1.640 0.0004 1.766 0.0004   
1.375 0.0005 1.480 0.0005   
1.110 0.0006 1.194 0.0005   
0.845 0.0006 0.908 0.0006   
0.580 0.0007 0.622 0.0007   
0.315 0.0008 0.336 0.0008   
0.050 0.0009 0.050 0.0009   
 
(a) Concrete and steel behaviour 
Dynamic load application 




(b) Amplitude function 
Table A5.8: Material model and loading function for numerical analysis 
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A5.3.9  Single storey simple frame response under concentrated load 
The material model adopted in this verification study is summarised in Table A5.9. 
Eurocode-2 is used to define the stress-strain relationship of concrete under compression and 
the tensile behaviour of concrete is defined by linear relationship. Material failure criteria are 
not defined in this verification study. Non-linear static analysis is performed for one-second 
using displacement control. Concrete and steel Young’s modulus is 28000N/mm2 and 
210000N/mm2, respectively. Concrete and steel Poisson’s ratio is 0.2 and 0.3, respectively. 
Density of steel is 7800kg/m3 and the concrete density is 1730kg/m3. Further detail is 
reported in Section 3.3.9. 










Under compression       
6.62 0 248 0 650 0 344.80 0 


























Steel joint Composite joint 
Slot-rotation connector Slot-rotation connector 
Force (kN) Displacement (mm) Force (kN) Displacement (mm) 
-1 -38.1 -1 -38.10 
-235.3 -10.67 -336.9 -10.67 
-138.9 -0.2 -159.2 -0.20 
0 0 0 0 
138.9 0.2 159.2 0.20 
235.3 10.67 336.9 10.67 
1 38.1 1 38.10 
Moment (kNm) Rotation (rad) Moment (kNm) Rotation (rad) 
  -1 -0.18 
  -205 -0.13 
-17.83 -0.004 -64 -0.005 
0 0 0 0 
17.83 0.004 85 0.005 
  85 0.13 
  1 0.18 
 
(b) Joint response 
Load application 
Total time (s) Amplitude 
0 0 
1 To maximum deflection as reported in Chapter 3 
  
(c) Amplitude function  
Table A5.9: Material model and time-load amplitude response 
A5.4  Material model adopted in Chapter 5 
A5.4.1  Contribution of floor slab to collapse resistance of slab 
The material model adopted in Chapter 5 is summarised in Table A5.10. Eurocode-2 is used 
to define the stress-strain relationship of concrete under compression and the tensile 
behaviour of concrete is defined by linear relationship. Steel response is defined using bi-
linear stress-strain relationship without considering the strain hardening effect. Material 
failure criteria are not defined in this verification study. Further detail is reported in Chapter 
359 
 
5. Concrete and steel Young’s modulus is 31480N/mm2 and 200000N/mm2, respectively. 
Concrete and steel Poisson’s ratio is 0.2 and 0.3, respectively. Density of steel and concrete is 
7850kg/m3 and 2360kg/m3. 5% damping is considered in this numerical analysis.  
Concrete under compression Steel 
Stress (N/mm2) Strain Stress (N/mm2) Strain 

















Concrete under tension 




(a) Material stress-strain behaviour 








(b) Dynamic analysis amplitude function 
Table A5.10: Data used in the numerical analysis 
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A5.6  Material model adopted in Chapter 7 
A5.6.1  Composite building subject to extreme loads 
The material model adopted in Chapter 7 is summarised in Table A5.11 (dynamic response 
due to strain gardening effect is shown in this table. Static response of material is tabulated in 
Table A5.12). Eurocode-2 is used to define the stress-strain relationship of concrete under 
compression and the tensile behaviour of concrete is defined by linear relationship. Concrete 
and steel Young’s modulus is 30000N/mm2 and 210000N/mm2, respectively. Concrete and 
steel Poisson’s ratio is 0.2 and 0.3, respectively. Density of steel and concrete is 7800kg/m3 
and 1730kg/m3. Other parameters, which is used in defining the material model for the 
dynamic analysis are kept default values (i.e. dilation angle = 40 degree, eccentricity = 0.1, 
fbo/fco = 1.16, k= 0.66667 and viscous = 1x10-5). Further detail is reported in Chapter 7. 
 
Concrete under compression Deck Rebar Steel 







Dynamic response Dynamic response 
8.26 0 300.08 0 780 0 417.21 0 

























(a) Material stress-strain response  
Joint response (slot-rotation type connector element) 
Deck parallel to beam Deck perpendicular to beam 
Force (N) Displacement (mm) Force (N) Displacement (mm) 
-1 -38.1 -1 -38.10 
-336900 -10.67 -336900 -10.67 
-259200 -0.20 -259200 -0.20 
0 0 0 0 
259200 0.20 194400 0.20 
336900 10.67 252700 10.67 
1 38.10 1 38.10 
    
Moment 
(Nmm) 
Rotation (rad) Moment 
(Nmm) 
Rotation (rad) 
-205000000 -0.130 -27000000 -0.130 
-64000000 -0.005 -10000000 -0.005 
0 0 0 0 
67000000 0.005 67000000 0.005 
85000000 0.130 85000000 0.130 
 
(b) Joint response 
Blast pressure and amplitude for dynamic analysis 
Blast pressure of 0.048Mpa Blast pressure of 0.41Mpa 
Total time (s) Load amplitude Total time (s) Load amplitude 
0.10977 1 0.0274 1 
0.14308 0 0.0494 0 
    
Blast pressure of 0.062Mpa Blast pressure of 0.62Mpa 
Total time (s) Load amplitude Total time (s) Load amplitude 
0.0988 1 0.01647 1 
0.1317 0 0.03403 0 
    
Blast pressure of 0.083Mpa Blast pressure of 0.158Mpa 
    
0.08233 1 0.04501 1 
0.11526 0 0.07245 0 
    
Blast pressure of 0.096Mpa Blast pressure of 0.162Mpa 
Total time (s) Load amplitude Total time (s) Load amplitude 
0.06586 1 0.04391 1 
0.09769 0 0.07026 0 
    
Blast pressure of 0.21Mpa Blast pressure of 0.276Mpa 
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Total time (s) Load amplitude Total time (s) Load amplitude 
0.0395 1 0.03293 1 
0.0648 0 0.05708 0 
 
(c) Blast pressure –time relation 
Table A5.11: Data used in analysis study 
A5.7  Material model adopted in Chapter 8 
A5.7.1  Methods to enhance resistance of building against progressive collapse 
The material model adopted in Chapter 8 is summarised in Table A5.12. Eurocode-2 is used 
to define the stress-strain relationship of concrete under compression and the tensile 
behaviour of concrete is defined by linear relationship. Concrete and steel Young modulus is 
28000N/mm2 and 210000N/mm2, respectively. Concrete and steel Poisson’s ratio is 0.2 and 
0.3, respectively. Density of steel and concrete is 7800kg/m3 and 1730kg/m3. Other 
parameters used in defining the material model for the dynamic analysis is kept the default 
values (i.e. dilation angle =40 degree, eccentricity = 0.1, fbo/fco = 1.16, k= 0.66667 and 
viscous = 1x10-5). Further detail is reported in Chapter 8. 









6.62 0 248 0 650 0 344.8 0 






























(a) Material stress-strain behaviour 
Joint response (slot-rotation type connector element) 
Deck parallel to beam Deck perpendicular to beam 
Force (N) Displacement (mm) Force (N) Displacement (mm) 
-1 -38.10 -1 -38.10 
-336900 -10.67 -336900 -10.67 
-259200 -0.20 -259200 -0.20 
0 0 0 0 
259200 0.20 194400 0.20 
336900 10.67 252700 10.67 
1 38.10 1 38.10 
    
Moment(Nmm) Rotation (rad) Moment(Nmm) Rotation (rad) 
-205000000 -0.130 -27000000 -0.130 
-64000000 -0.005 -10000000 -0.005 
0 0 0 0 
67000000 0.005 67000000 0.005 
85000000 0.130 85000000 0.130 
 
(b) Joint response 
Dynamic load application 





(c) Dynamic analysis amplitude function 
Table A5.12: Numerical analysis input 
 
